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ABSTRACT

Over recent years there has been a growing need to assess the seismic performance of
potentially vulnerable buildings in Australia in order to make informed risk mitigation
decisions. The aim of this study has been to assess the seismic performance of in-situ
reinforced concrete (RC) buildings under 10-storeys high and constructed prior to 1995.
This class of buildings has been identified to be particularly vulnerable to earthquakes due
to the relatively low natural periods of buildings in this height range, and lack of
consideration given to seismic design and detailing. The buildings assessed have core
walls as the lateral load resisting system, also referred to as the primary system, and
perimeter moment resisting frames together with band-beam or flat-slab floor systems as
the gravity load resisting system, also referred to as the secondary system. There have
been concerns about the displacement compatibility between the primary and secondary
system and the loss of axial load carrying capacity of the gravity system (resulting in the
total collapse of the building) prior to or immediately after the primary system loses its
lateral load carrying capacity. Therefore, the assessment of the buildings conducted in this
study has involved the seismic performance of both the lateral load resisting system and

the gravity load resisting system.

The assessment procedure adopted in this study has been in line with the performance-
based earthquake engineering (PBEE) assessment framework. The main outcome of the
study has been the development of fragility curves, thus the three key stages of the PBEE
assessment process have been undertaken, including: hazard analysis, structural analysis,

and damage analysis.

The hazard analysis stage involved conducting a review of the seismic hazard models
developed for Australia. The most recent models which have been proposed for the
Australian earthquake loading standard, AS 1170.4, have resulted in significant reductions
in hazard values in comparison to the current hazard model in AS 1170.4:2007. However,
there has been a lack of consensus amongst researchers about the changes and hence the
proposed models are still under development. Therefore, in this study the evaluation of
the seismic performance of the buildings has been based on the current hazard model in

AS 1170.4:2007.

Furthermore, a detailed study was conducted to investigate the validity of the method

used in AS 1170.4:2007 for incorporating local site effects. The study demonstrated the



importance of considering site period, rather than the average shear wave velocity up to a
depth of 30 m, in understanding the seismic site response. Based on the findings, re-
classification of the site classes in AS 1170.4:2007 were recommended, with an emphasis
on site period as a key criteria in classifying soil/soft rock classes. A new systematic
method was also proposed for obtaining the displacement response spectra. This method
helps to significantly improve the prediction of displacement response in the short period
range up to the second corner period at which maximum spectral displacement response

occurs.

The structural analysis phase was conducted by developing archetypal buildings for
assessment. An investigation was conducted to obtain the history of the design of RC
buildings in Australia to provide an understanding of the existing building stock, including
typical building configurations and design detailing. This was achieved by speaking to and
corresponding with experienced practicing structural engineers and from reviewing older
editions of the Australian concrete structures and loading standards. Based on the findings
six archetypal buildings were designed. Three buildings heights were investigated; 2-, 5-,
and 9-storeys, and for each building height two plan configurations were analysed; one

with plan symmetry and the other with plan asymmetry.

The expected governing failure mechanisms of the building components were identified,
including the core walls, beam-column joints, columns and beams. This was achieved by
reviewing reconnaissance reports and experimental studies for buildings and building
components with similar detailing to the archetypal buildings. In general, it was identified
that the building components were vulnerable to brittle failures and experiencing
significant strength and stiffness degradation after the peak capacity was reached. This is
because the buildings which have been assessed have a poor quality of detailing; typically

referred to as non-ductile or seismically non-conforming detailing in the literature.

In order to develop the 3-dimensional nonlinear models of the archetypal buildings a
critical review of the existing state-of-the-art approach for modelling non-ductile RC
building components in a macro-finite element modelling space was conducted. The
modelling methods investigated included the incorporation of the inelastic response of
beam-column joints, flexural response of members, bar-slip of longitudinal reinforcement
bars, flexure-shear behaviour of members, and methods for modelling non-planar walls.
The review revealed that there was a lack of consensus amongst researchers about the
best method to model the various building components for the purpose of global analysis.

Therefore, various modelling approaches were evaluated by examining their performance
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against three key criteria: accuracy, computational efficiency, and numerical stability and
reliability. The accuracy of the various models was predominantly examined at a
component level by comparing simulated results with experimental results. The
computational efficiency, and the numerical stability and reliability of the various
modelling approaches were examined based on running simulations at a component level
and then at a system level where the approach was utilised in 2D and 3D nonlinear
models. In general, it was evident that the two competing modelling approaches suitable
for global analysis could be broadly characterised as the distributed plasticity and the
lumped plasticity approaches. Based on the three key criteria, the lumped plasticity
approach was selected to be the most suitable and reliable approach for global analysis of
non-ductile buildings analysed up to the point of axial load failure of the building

components.

Nonlinear dynamic time history analyses were conducted to obtain the seismic
performance of the archetypal buildings. The ground motion records were selected such
that they were characteristic of Australian earthquakes, they include a combination of:
stochastically generated rock records, historical records, and simulated records on various
site conditions. Damage analysis of the buildings was achieved by using the cloud analysis
method to develop the probabilistic seismic demand model of the buildings at various
performance levels. Careful consideration was given to selecting suitable intensity
measure and accounting for various uncertainties to develop the fragility curves. Finally,
the seismic performance of the buildings was evaluated by comparing the response
obtained from fragility curves with respect to performance objectives. The results
illustrated that the plan-asymmetric buildings and the 2-storey plan symmetric buildings
were particularly vulnerable to exceeding the Life Safety limit state under a 500 year
return period event and the Collapse Prevention limit state under a 2500 year return

period event if located on soft sites.

| i |



liv |



DECLARATION

This is to certify that:

i.  The thesis comprises only my original work
ii.  Due acknowledgement has been made in the text to all material used
iii. The thesis is less than 100,000 words in length exclusive of tables, maps,

references, and appendices

Anita Amirsardari

April 2018

|v]



|vi|



ACKNOWLEDGMENTS

First and foremost, I would like to express my sincere gratitude to my principal
supervisor, A/Prof. Helen Goldsworthy, for her continuous support and encouragement,
and the careful and thorough revisions of my work. She has provided invaluable advising

throughout the years and she has truly been an inspirational teacher and mentor.

[ would also like to express my sincere gratitude to my co-supervisor, Dr. Elisa
Lumantarna, for her continuous guidance and assistance, and for having confidence in my

work and for encouraging me to explore different avenues.

[ would like to express my deepest gratitude to Dr. Pathmanathan Rajeev, who has played
a very important role in assisting with this research. I would like to sincerely thank him

for sharing his invaluable knowledge and time.

[ am also grateful to all of the professors and staff who have helped me over the years,

with special thanks to Prof. Nelson Lam, Dr. Massoud Sofi, and Dr. Hing-Ho Tsang.

I wish to also express my gratitude to the practicing engineers for their significant
contributions to this research, including: Peter McBean, Graeme Rowe, John Woodside,

David Law, Shan Kumar, and Scott Munter.

I would also like to acknowledge the Department of Infrastructure Engineering at the
University of Melbourne and the Bushfire and Natural Hazards Cooperative Research

Centre which have supported the research conducted in this study.

[ would like to thank all of my friends and colleagues who have made this experience
enjoyable. | have appreciated all of our discussions, and I thank you for your support, kind

words of encouragement, and friendship.

Finally, I would like to thank my family. [ will forever be grateful to my mother, my father,
and my sister for their continuous support, encouragement, patience, and countless

sacrifices.

| vii |



| viii |



LIST OF PUBLICATIONS

Research outcomes from this PhD study have been published in one journal and six peer

reviewed conference papers. A complete list of the publications is provided as follows:
Journal publications

Amirsardari, A., Goldsworthy, H. M., & Lumantarna, E. (2017). Seismic site response
analysis leading to revised design response spectra for Australia. Journal of

Earthquake Engineering, 21(6), 861-890. doi: 10.1080/13632469.2016.1210058
Conference publications

Amirsardari, A., Goldsworthy, H. M., Lumantarna, E., & Rajeev, P. (2017). Seismic fragility
curves for limited ductile RC buildings including the response of gravity frames.
Paper presented at the Australian Earthquake Engineering Society 2016
Conference, Canberra, ACT.

Amirsardari, A., Rajeev, P., Goldsworthy, H. M., & Lumantarna, E. (2016). The effect of
modelling inelastic beam-column joints on the displacement capacity of reinforced
concrete gravity moment resisting frames. Paper presented at the Australasian
Structural Engineering 2016 Conference, Brisbane, Queensland.

Amirsardari, A., Rajeev, P., Goldsworthy, H. M., & Lumantarna, E. (2016). Modelling non-
ductile reinforced concrete columns. Paper presented at the Australian Earthquake
Engineering Society 2016 Conference, Melbourne, Victoria.

Amirsardari, A., Goldsworthy, H. M., & Lumantarna, E. (2015). Modelling non-ductile
reinforced concrete beam-column joints. Paper presented at the Proceedings of the
Tenth Pacific Conference on Earthquake Engineering, Sydney, Australia.

Amirsardari, A., Lumantarna, E.,, & Goldsworthy, H. M. (2014). Seismic site response
analysis for Australia. Paper presented at the Australian Earthquake Engineering
Society 2014 Conference, Lorne, Victoria.

Hoult, R. D., Amirsardari, A., Sandiford, D., Lumantarna, E., Goldsworthy, H. M., Gibson, G., &
Asten, M. (2014). The 2012 Moe Earthquake and earthquake attenuation in south
eastern Australia. Paper presented at the Australian Earthquake Engineering

Society 2014 Conference, Lorne, Victoria.

| ix |






TABLE OF CONTENTS

AADSETACE it eeeeee et ees et e s s e s R R R R R R AR AR i
DIECIATATION «.eeveeeeeeeeseeeesse s e e sessse e ess e s s s s RS s seER R s R e v
ACKNOWIEAGIMENTS ....ceeveeeieeeseesee e tseessee s esse s ss s s ess bbb R R s e b et vii
LISt Of PUDIICAIONS ....tvuetierieceerteeceseie ittt ess s st bbb s st s ix
TaADIE Of CONEEIILS ...coveeeereeeereeereieeste et esse s s esse s s bbb R s bbbt xi
LIST Of TADIES.cuiirirreereeneirsisesssesse st ssssss st sss s s st s xvii
LISE Of FIGUIES oeoreerreneemseeseessersessseesseessessssessssesse s sssess e s sessss s s s s st sess s ssss s s sssesssesssenens Xix
LIST Of NOTATIONS wuvvueerreneessiessenseessssssssssssssssssse s st sessss s ssssssss s s s st sessssssssssssssssessss s st sasssssssssssnes XXiX
CHAPTER 1: INtrOQUCEION . cieueueereeerersrereesseeseessessessessssssesssessssssssssessessesssssssssesssesssssssssssssesssessssssessssssesssessssaees 1
1.1 BACKEBIOUNA . .ieieeriieesiescereeseseesseeseessesseess s s sessses s sssessse st s s s sssss s s s s sasesnsanes 1
1.2 ProDbIem STATEIMENT ..c.ccurieereeceereereesseieeseeeessesses e se e e ess s s s bbb sneaes 3
1.2.1  HAazard aNalySiS ..ceeeeseeseesesssesseesess s ssssssssssssss st sesssssssssssssssssssssssssasees 4

1.2.2  Structural QNalySiS...oeneeereereeserseesseesessessessesssssssssse s ssssssesssesssssssssssessssssssasees 4

1.2.3  Damage ANAlYSIS ..o seessesssssssesssssssss s ssesssesssesssesssssssssssssssees 6

1.3 RESEAICH ODJECHIVES ..oveereecrerreesrees e eeeseesses s sees s sssssssss s s sssesssess s ssssnsaees 6
1.4 THESIS OULIIE .ot s s s 7
CHAPTER 2: Characterisation of earthquake hazard..........ccoeneneeneenseneeeneeeseeseesseesssesssesseens 9
7 N §'o U T L U o) o HO0 T OO 9
2.2 SeisMICILY Of AUSEIAlia e ssssas 10
2.3 Seismic site response and review of existing approaches........conenreneenseeneereeneenns 14
2.3.1  Site classifiCation SYSTEIM....cooerienreereererseeseeseesseessesse s sssesesssessssssssssssssans 14

2.3.2  Incorporation of Site effeCtS ...t eees e 16

2.3.3  Effect of ground stiffness on acceleration response Spectra........coeeneeenee 19

2.3.4  Effect of bedrock motion iNteNSILY ... eereernmeemeemeesseersseeseeseeseesssesseesseessessseeenns 20

2.4 Seismic site response analysis leading to revised design response spectra for

YD 0 =1 PP 21
241 Methodology and numerical analysis procedure .........nenessenneeneenes 22
2.4.1.1 Selection of input ground MOtiONS .....c.ccuurereeneeereenerseeseeneesseessesseesees 22

2.4.1.2  Selection Of Site PrOPEIties. .. eermernmersreesseerssersessseessserssessseessessseenns 25

| xi|



2.4.1.3  Analysis Of Sit€ IESPONSE ...cvermrnrerisrsmeinneresees s ssesssaees 27

2.4.2  Results: observed correlations and trends ........————— 28
2.4.2.1 Site amplification factor ... 28
2.4.2.2 Ratio of final to initial site period and Vs.......coeeneenneenecneenneneennens 30
2.4.2.3 Acceleration response of various site conditions ........c.cceeereee. 31
2.4.3 Comparison between numerical analyses and historical records ............... 32
244 PropoSed MOAE] ...ttt bsssss et sessse s st ssanes 34
2.4.4.1 Site classification SYSTEML...... e ssessseessesssesenns 34
2.4.4.2 Incorporation of Site effects ... 36
2.4.4.3 Response spectra obtained using proposed model........ccccoucnenueee. 40

2.4.4.4 Proposed response spectra and response of existing shear wave

VEIOCILY PIOfILES oottt neas 42

2.4.5 Conclusions from seismic site reSponse StUAY ......oeeereeereesreerreersmersmessseesseesseeenns 44

2.5 SUIMIMATY coouieereeeseeeseeeseesseesseesseesssesssesssesssesssssessssssess s e s s sasssesssessssssssssssessssesssesssasssesssessssesssesssessaees 45
CHAPTER 3: Characterisation of vulnerable RC buildings ........ccoenenreneeseeneenseenseeseesseesseeenns 47
3.1 INtrOAUCHION s ———————— 47
3.2 History of RC building design in AUSITalia.......ccccouenererneeneeneenensesseeseeseesesseesseeseesseseenns 47
3.2.1 Design of RC buildings in AUSTIalia ......coeoreeneemeenmeeseeseeseeserseesseeeessessesssessessseanes 47

3.2.2 Development of design and lateral loading standards...........coccorensereenseeneenns 49

3.2.3 RC material properties used in AUStralia .......oeneeeneeneeeeeernnersmeesseesseesseeenns 51

3.3 Deficiencies of non-ductile RC frame components and walls .......cc.couemeenmeereeereceneeenn: 53
3.4 Response and failure mechanisms of non-ductile RC frame components and walls

55

3.4.1  Beam-COIUIMN JOINES .oioiiueereereeureeeesseeeee et sssee s ssesss st s ssss st s sassssssans 55
3.4.1.1 Transverse reinforcement in the joint region .......ccoomoreerecereeenn. 59
3.4.1.2 Discontinuous bottom longitudinal beam bars.......cc.couuereerrecereeenn. 59
3.4.1.3 Longitudinal bar properties....... o eeeeseeseesseesssees 60
3.4.1.4 Jointaspect ratio (Np/Nc) e seeeseeens 60
3.4.1.5 Column bar splices near the joint region........momeereereceseennn. 61
3.4.1.6 Transverse DEAMS ... sssssssans 61
3417 SlAD o 61

| xii |



KR R S TV 1= 1 (o Y= (o S 62

3.4.1.9 Speed of lateral load (pseudo-static versus dynamic cyclic

loading) 63

3.4.2  Columns and DEAMS. ... ssssssssss s ssssssssssssssssssssssssssssssnes 63
3.4.2.1 Lap-splices in potential hinge regions.........coenenereesseseenseeseenes 65

3.4.2.2 Transverse reinforcement detailing.......ccoueseenenneenneeseesseeeseeenn: 67

3.4.2.3  Axial load.. s ——————————— 68

3.4.2.4 Longitudinal reinforcement ratio ........oenesneeseesesssesseessessesssesseeanes 69

3.4.2.5  ASPECE TALIO ceueeeeeeereerereesee et sess s sss s s s s e s st ssnans 70

3.4.2.6 Direction of l0ading ... seesesseesseessssseessesssssssssnanes 70

R 2 N L | PP 73
3.4.3.1 Longitudinal reinforcement ratio ......ooemesmeeneeseessesseessesseesseeseeanes 74

3.4.3.2 Confining reinforCEMEeNt .......ooeneereerseerseeesseesessseesseesssessessseessesssseenns 77

3.4.3.3  AXial 10ad Tatio..ccenesnesssse s ssssssssnes 77

3.4.3.4 Bidirectional 10ading......ccouovureereenereererneeeesees e sesssessessesseeses 77

3.5 Consideration of lateral load and gravity load resisting SyStems ...........couuoveeereeereeenn. 80
3.6 Material properties for asSeSSMENT ... e 85
3.6.1  Steel reinfOrCeMENT ... 85

B 0 010 1 o) ] o 87

3.7 SUIMIMATY cooeeircersceeeereesesessssseessessess s sessse s sss s e s s s e s s s 90
CHAPTER 4: Critical review of nonlinear macro-modelling methods .......cccoccoueenmernmeereerreceneeenn. 93
530 SN 010 oY U U ) o VAPPSR 93
4.2 Beam-COIUMIN JOINES coreeeiereereersersseesseeessessseeseesseessesssesssesssesssessssssssssssessssssssssssasssessssssssssssessaees 93
4.2.1 Beam-column joint MOAElS. ... seesseessssssessessees 93

4.2.2 Jointload-deformation reSPONSE ... 95
4.2.2.1 BackbONe CUIVE ... 95

4.2.2.2  JOINt Shear CAPACILY ... ssessssssssssssssssssssses 99

4.2.2.3  HySteretiC r€SPONSE. ... reses s sesss s ssesessesessessessessens 103

4.3 Flexural reSpOonse 0f MEMDETS ......cocerienreurieeeereeseieesseesesssesssessssssss s ssss s ssssssessees 108
4.3.1 Lumped plastiCity eleMENtS .....ccoumereerreeenmeeseeseesseersnessessseessesssssssesssesseesssesnsens 108

4.3.2 Distributed plastiCity lements......coeeneereeeesneernernees e sessseeseesesseesssesees 111

| xiii |



4.4
4.5
4.6

4.7

4.3.2.1 Uniaxial material models for the distributed plasticity approach
111

4.3.2.2 Force-based and displacement-based elements for the

distributed plasticity apProach..... s 111

4.3.2.3 Number of integration points for the distributed plasticity

APPIOACK couverrrrrtrersre s 112

4.3.2.4 Number of fibres for the distributed plasticity approach.......... 114
BaT-SHP ottt se s s b s R R R e 114
Flexure-shear response of non-ductile COlUMNS ... 116
Modelling of planar and non-planar Walls ... 123
4.6.1 Plastic hinge length for flexural reSPONSE .......c.ccoeeereerrerreereeneereeneeseeneeeseessesseens 124
4.6.2  Shear deformations for WallS.......oeeneeeee s 126
4.6.3  NON-Planar WallS... s ssesssesssesssssssssssssssssssssssssees 128
4.6.4 Interconnected Wall FESPONSE....ouereerreeenreeeesseesseersressess e sesssessssessessessssssssees 130
D000 40T o) TP RTT 133

CHAPTER 5: Evaluation of nonlinear macro-modelling methods for non-ductile RC

DUILAINES wvvevrenseerserrermreesseesseeesseesseesseesse e sssesssees e eess s s es s s e s R e e 135
L5700 N 0T oo 6 1§ (ot (o) o FOTR0E OO 135
5.2 Defining fibre-sections and conducting sectional analysis ........cceneeneenseenseenne. 135
5.3 Modelling non-ductile beam-column JOINES .....coereereererreereenseeneesesesseeseessesseesseeeesseenns 138

5.3.1 Load-deformation reSPONSE......ueenmmsmessessessesssssssssssssssssssssssssssssssssessssssssess 138
5.3.1.1 Point 1: shear cracking.......cooeomneeenseeseeseneesseesseesessessssssesees 138

5.3.1.2 Points 2 and 3: yield, ultimate or joint shear capacity............ 138

5.3.1.3 Point 4: residual CapaCity ......cceneermerneeseenseeseeserseesseeeseseesessesseeees 143

5.3.1.4 Summary of stress-strain backbone response ... 143

5.3.1.5 HySteretiC reSPONSE ... ieeeererrerreesseerseeesseseesseessessesssesssessssssssssssessaes 143

5.3.2 Comparison between simulated and experimental results .........cccccoseeene. 144
5.4 Modelling of non-ductile columns and beams.........coenenreennreeeneenesneesseeeseeesessseennes 152
5.4.1 Selection of deformation lMitS...... s 152
5.4.2 Distributed plastiCity apPProach ... sessesseesseeees 156
5.4.3 Lumped plastiCity apProach. ... sseessessessesssessesssesees 159
5.4.3.1 Load deformation reSPOonSse ... 160

| xiv |



5.4.3.2 Comparison between experimental and simulated results..... 165

5.4.3.3 Comparison between distributed and lumped plasticity

21 0) o) (0 1= T o 0P 170

5.5 Modelling of non-ductile WallS......ce e seseseesssesessssesssesssesssesssessssssssssaes 171
5.5.1 Distributed plasticity apProach...... s 172
5.5.1.1 Modelling of rectangular Walls ......ccomrnnreneenmernmeenmeeseeeseeeseesennnee 172

5.5.1.2 Modelling of non-planar walls ... 183

5.5.2 Lumped plastiCity apPProach......cenreeneeseenseereessessesseessessesssesssssessesssessssssesnes 193
5.5.2.1 Modelling of lightly reinforced planar walls .......ccccoucomrrereenreenes 193

5.5.2.2 Modelling of lightly reinforced non-planar walls......ccccccoruuereunece 196

5.5.3 Interconnected Wall FESPONSE ...ccvureeriererreemreenseereesessessssesssssesssessssssssessssssssssesnes 201

5.6 SUIMIMATY couceiicesieneeeseessesseesseesesssessessssssessessse s st s s s R s s e 209
CHAPTER 6: Framework for seismic fragility asseSSMeNt........cocnenmeemeesreeeseeesseeseesseesseessnesnees 211
6.1 INErOAUCHION ittt R s s 211
6.2 Seismic fragility fUNCHIONS. ..ottt ss st sss s 211
6.3 Probabilistic seismic demand model ... ————— 213
6.4  Performance leVelS ... ——s————————s 216
6.4.1  SHGHt dAMAZE ..ueurreeereerereesreeeci et r s e s 217

6.4.2  MOdErate daAmMaAZEe .....c.couuureeureereeurereeseesseeseessesesssesssssesssessssssssssssss s s st sesssssssasesses 218

6.4.3  EXtensSivVe damage....cereerreeeeseeseessessessseessessssesssessessssssesssesssessssssssssssessaes 221

6.4.4  Complete dAMAGE ....c.cvverreereerreerreeeeeseeseersresress e sesssesss s s sssess s ssssssaes 221

6.4.5 Summary of performance leVElS ... seesseesseeseenaes 224

6.5  Performance ODJECHIVES ... sssessse s sssesssesssssssssssssssssssssssens 225
6.6  Ground MoOtion INTENSILY MEASUIE .....ceeeeererrreesreesseeesseesseesessseesssesssesssesssesssssssesssssssssssessees 227
6.7 SUITIINIATY ..euereererereunessesessessesessessssessessssesssssssess s sesssssssesssssssesssssssesssssssesssssssessssssensssssnesssssnensssssnenses 229
CHAPTER 7: Seismic fragility assessment of non-ductile RC buildings .........ccoceeeneenrerreereens 231
7.1 INErOAUCHION. s s s 231
7.2 Archetypal building characteristics and nonlinear model.........ccocoreneerenrererneceneenn. 231
7.2.1  BUilding d@SIGNS ..ot seessssesssssssssesssssssssss s s st sessssssssasesanes 232

7.2.2  Material properties for aSSESSIMENT .......couuerreerreeenmeeseesseesssesssessseesseesssesssesssessaes 236

7.2.3  Nonlinear models of DUIlAINgGS ...ccocevereernrernmeereerrereeeeesreessessess e seesssesseennes 236

| xv|



7.3 Ground motions for time hiStory analysis ..., 242

7.4  Results for buildings with plan SYMMELTY ... sesesesessessseesnes 243
7.5 Results for buildings with plan asymmetry ... 262
7.6  Evaluation of the seismic performance of the archetypal buildings.......c..cccouucueenn. 277
7.7 SUINIMNIATY oeueureurenressessessessessessessessessesssssesssssssssssssssessessessessessessessessesses sesssssessssssssssssssssssessessessessessessenns 280
CHAPTER 8: Conclusions and recommendations for future research..........ne 281
8.1 CONCIUSIONS ettt ettt sss et R s e 281
8.2 Recommendations for fUture reSEarch ... 293
REFEIEIICES .vurrtrrerereesrsisnsiss s s sessse s ss bbb s s s R s 297
ADPDPENAIX A oottt R R 311
APPENAIX B oot s R 313
APPENAIX Corrvrerrcisrsrsesessesessessessesss s s ssss s s s sssessssssssssssssessss st s s sasssnsssesssssesssnnsns 315

| xvi |



LIST OF TABLES

Table 2-1: Site classifications of Various COAES ... 16
Table 2-2: Recommended site classifiCation ... 35
Table 2-3: Suggested amplification factors and corner periods for kpZ < 0.3 g.cvvevveeveecreereennas 39
Table 2-4: Suggested amplification factors and corner periods for kpZ 2 0.3 g..oeeevvveerreiveees 40

Table 3-1: Typical lower characteristic concrete strengths (in MPa) for building
components for various periods in AuStralia........oconeensensenseenseseessesseesseeseenes 51
Table 3-2: Summary of the lower characteristic properties of reinforcement bars used in
Australia (Concrete Institute of Australia, 2007; Liberty OneSteel)......cc.ccouuuue... 52
Table 3-3: Definition of unconfined or non-ductile columns and beams in accordance with

NZSEE Guide and ASCE 41, and detailing requirements in accordance with AS

Table 3-4: Summary of tensile properties 0f Y-Dars ... seesssesseessesssesssees 86

Table 4-1: Celik and Ellingwood (2008) approach for calculating critical joint shear stress

A2 10 LT 97
Table 4-2: Recommended stress-strain values for exterior joints by various studies .......... 99
Table 4-3: Recommended stress-strain values for interior joints by various studies........... 99
Table 4-4: Recommended Pinching4 parameters by various studies .........ceeneernneennees 107

Table 4-5: Summary of the three empirical based models defining column deformation
HIMIES s ————————————— 119
Table 4-6: Summary of empirical equations defining deformation limits for the three
0 T0T [ PPN 120

Table 5-1: Input parameters adopted for Concrete04 material model for evaluating

different modelling apProaches....... s seesesseens 137
Table 5-2: Criteria used to define critical moment-curvature points for evaluating different
MOAElliNg APPIOACHES ....ceureeeercrre e sens s eeens 137
Table 5-3: Procedure for calculating shear stress induced in exterior joints due to beam
12 L] (s 0 oY 00T 140
Table 5-4: Procedure for calculating shear stress induced in interior joints due to beam
2 TS] 16 10 oV .S 141
Table 5-5: Summary of adopted approach to calculate Tjh.cap - eesseerrersrersseesserseesmsermeesseesssessens 142
Table 5-6: Definition of critical backbone points adopted in this sStudy .......cccceecreenreereecreens 144
Table 5-7: Properties of non-ductile exterior and interior beam-column joints ... 146
Table 5-8: Experimental and predicted joint shear stress and failure mechanism............. 147

| xvii |



Table 5-9: Detail of columns included in the database for this Study ........uvnmenennirneesneenns 154
Table 5-10: Experimental and calculated drift ratios using the three models.......ccccoeeenuunec. 155

Table 5-11: Recommended Pinching4 parameters for the modelling of column and beam

1 SE] 010) 0 ] =P TTPTPT 165
Table 5-12: Details of lightly reinforced rectangular walls........ccoeneonnnesensceneenseseeseenees 180
Table 5-13: Details of RC C-shaped Walls.......ccomnssssssssssssssssssssssssssses 186
Table 6-1: FEMA-P695 recommended quality rating for index archetype models (Applied

Technology Council, 2009) diSCUSSES .....ccruureeurirnmerrermeereessesssessessesssessssssesssssssssssssesseens 213
Table 6-2: Summary of the adopted performance leVels ... 224
Table 6-3: Rehabilitation objectives recommended by FEMA 356 (2000) .....ccoecveenmeereereenes 226
Table 6-4: Probability of exceedance for various importance level structures in accordance

With BCA 2007 and NCC 2016 ...coeeeeenreeeseeessemsseesssessssesssssssssssssssssssssssessssesssssssssssssas 227
Table 7-1: Summary of design properties for building components .........cocoueeeereerrerreesennees 232
Table 7-2: Adopted material properties for aSSESSIMENT ... 236
Table 7-3: Definition of critical points for defining component backbones........cccoueneenunnecs 238
Table 7-4: First two fundamental building periods (in SECONAS) ....ccocomrereeerererneenseeseerseersneennens 238

Table 7-5: PGA values for a 500 and 2500 YRP event corresponding to k,Z factor of 0.1 g
and 0.18 g on rock in accordance with AS 1170.4:2007 .....ccovuneerenmerreenmeereesserseens 249
Table 7-6: PGV values for a 500 and 2500 YRP event corresponding to k,Z factor of 0.1 g
and 0.18 g on rock in accordance with AS 1170.4:2007 ...covvereereerrmerrmeesreesreceseeens 249
Table 7-7: RSDmax values (in mm) for a 500 and 2500 YRP event in accordance with
AS 1170.4:2007 and site reSPONSe STUAY ....cceeeemreerreerseemeeseesssessmessesssessssessseessessaes 249
Table 7-8: Median PGA (g) response of the fragility curves for the various building models

Table 7-9: Median PGV (mm/s) response of the fragility curves for the various building
INOAELS 1ottt 277

| xviii |



LIST OF FIGURES

Figure 1-1: Overview of the four stages of the PEER PBEE framework, adapted from Calvi

€L AL (20714) o reerreeeseessees s es s s s s s EenEnpa 3
Figure 2-1: Propagation path of seismic waves from source to building site.......c.cccorueerernnenn. 10
Figure 2-2: Current hazard map in AS 1170.4:2007 (Burbidge, 2012).....cccoeeorenrereerreereerreeseenns 11

Figure 2-3: 2013 GA hazard map at zero period for return period of 500 years (i.e.
equivalent to PGA) (Leonard et al.,, 2013) c.ooeereennereesreeceseeeeeseesesseessesssessessesssnanes 12
Figure 2-4: 500 year return period acceleration response spectra for the capital cities
proposed by GA (solid lines) and in AS 1170.4:2007 (dotted lines) (Leonard et
A, Z013) s ——————————————— 13
Figure 2-5: 500 year (thick solid lines) and 2500 year (thin solid lines) return period
acceleration response spectra proposed by GA, and 500 return period

acceleration response spectra in AS 1170.4:2007 (dotted lines) (Leonard et al.,

Figure 2-6: Relationship between peak ground acceleration and annual probability of

exceedance for different seismic regions (adapted from Paulay & Priestley,

Figure 2-7: Response spectra showing acceleration, velocity, and displacement controlled

regions: (a) acceleration response spectra, (b) displacement response spectra

Figure 2-8: Spectral shape factors in AS 1170.4:2007 ....oerrernmeereesneemneesnsessseesseesssessesssessseessesnns 20
Figure 2-9: Three recordings of the 2011 Christchurch earthquake from stations located at
close proximity t0 €ach OTHET ... saeees 20
Figure 2-10: Input ground motions and target spectra for kyZ factor of 0.1 g: (a) RSA,
(03] D PPN 24
Figure 2-11: Input ground motions and target spectra for k,Z factor of 0.3 g: (a) RSA,
(D) RSD eteieeteemsseesssesssesssssess s s sss s 24
Figure 2-12: Shear wave velocity profiles of 50 sites around Australia from Kayen et al.
705 PP PPN 26
Figure 2-13: Response spectra of three soil profiles with constant shear wave velocity of
360 m/s with varying depths: (a) amplification spectra, (b) displacement
FESPONSE SPECETA ceureureererseererseeserseesessesssessessessessessessessessesssssssssssssssssessessessessessessessessessessssessees 29
Figure 2-14: Site amplification factors versus average shear wave velocity for various site

(670 10 115 10 s 1T 29

| xix |



Figure 2-15: T/ Tsi versus average shear wave velocity for various site conditions............. 30
Figure 2-16: Typical rock and SOl RSD ...t ssessssssssss s sssssssssssssssans 31
Figure 2-17: Amplification factors within the acceleration controlled region for rock and
clay sites for k,Z factor of 0.1 g: (a) sites categorised according to Ts;, (b) sites
categorised aCCOTdING t0 V. seerseeseesseessessssessessssssseessesssssssssssssssessssssssesseees 32
Figure 2-18: Site amplification factors obtained from this study, historical records and,
Tsang et al. (2006b) theoretical MOEL.......oocrireuriereereerereserece et 33
Figure 2-19: Amplification factors within the acceleration controlled region obtained from
numerical analyses, historical records, and AS 1170.4: (a) sites categorised
according to Tss, (b) sites categorised according to Vi .....vceneeseeseesseesneerssessneens 34

Figure 2-20: Graphical representation of proposed method for obtaining RSD: (a) Model 1

for Class B (b) Model 2 for Classes C and D......ncneennensenseenseseessessseseesseanes 39
Figure 2-21: RSA and RSD of proposed method, envelope results from numerical analysis,
and AS 1170.4 spectra for kpZ factor of 0.1 g ..cceerreenmeemeeneeeneeeseeeseeseesseesssessessseens 41
Figure 2-22: RSA and RSD of proposed method, envelope results from numerical analysis,
and AS 1170.4 spectra for KpZ factor of 0.3 @ ..cveenrenneenmeenecereeeeeesesseesseesssessessseens 42
Figure 2-23: Response spectra of shear wave velocity profiles and proposed response
spectra for Class C: (2) RSA, (D) RSD et ssssssesssessessssssessssanes 43
Figure 2-24: Response spectra of shear wave velocity profiles and proposed response
spectra for Class D: (@) RSA, (D) RSD e seesssesseeseesesssssssesseees 44
Figure 3-1: Distances to exits for office and commercial buildings (ABCB, 2015)................ 48
Figure 3-2: Schematic of detailing deficiencies of non-ductile RC MRFs.......ccoconenmeereemrecrneennn. 54
Figure 3-3: Schematic of some of the detailing deficiencies of non-ductile walls. ................... 55

Figure 3-4: Beam-column joint failure experienced in PGC building during the
Christchurch earthquake in 2011 (Kam et al., 2011).erecreeenmeeeeeemseerseeeseesneens 56
Figure 3-5: Slip of bottom beam bars due to poor embedment of bars in the joint region
(Sezen et al,, 2000) ..oceeeemeemeeseerrersrerssessseesseesssessseseessessesssesssesssssssessssssssssssssesssesssessssenss 56
Figure 3-6: Exterior joint behaviour subjected to lateral loading (Hakuto et al., 2000)......57
Figure 3-7: Interior joint behaviour subjected to lateral loading (Hakuto et al., 2000)........ 58
Figure 3-8: Column shear failure of a 4-storey RC frame-wall building during Christchurch
earthquake in 2011 (Kam et al,, 2011) ccorrrrnrnnsnrnensensesessesssessssssssssssssssssssssssnes 64
Figure 3-9: Damage experienced at the end of columns during the Kocaeli (Turkey)
earthquake in 1999 (Sezen et al,, 2000) ..coueeenreereereereeseeeceseesesseesssesssssessessssssesssanes 65
Figure 3-10: Idealised lateral response of RC columns under monotonic lateral loading

[(1=72=) o WA 00 PP 66

| xx |



Figure 3-11: Columns tested by Saatcioglu and Ozcebe (1989): (a) response under
unidirectional (specimen U4), (b) North-South response under bidirectional
loading (specimen B1), (c) East-West response under bidirectional loading
(SPECIMEN B1), coueeeeereeeeeseesseeseessesssesssesssessseesssesssssssessssssssesssesssessssssssssssssssessssssssssssesssessssssans 71

Figure 3-12: Columns tested by Saatcioglu and Ozcebe (1989): (a) response under
unidirectional (specimen U3), (b) North-South response under bidirectional
loading (specimen B2), (c) East-West response under bidirectional loading
(SPECIMEN B2, weeeieecereerereeseeseesse s ssesssessses st sess s st s s s 72

Figure 3-13: Fracturing of wall reinforcement in the Gallery Apartments building during
the Canterbury earthquakes: (a) small crack at the base of the wall, (b)
fracture of longitudinal bars is revealed after concrete removal (Sritharan et
Y I ) PP 76

Figure 3-14: Wall response due various crack formation: (a) distributed cracks, (b) limited
cracks, and (c) single crack (Lu et al, 2016)..enenmermeesseeeseeeseeeseesseesseesssessessseess 76

Figure 3-15: Moment-curvature analysis conducted for one of the walls belonging to the
Gallery Apartments building (Henry, 2013)....cceenecmeenneseeseessesseessesseseesssesnes 76

Figure 3-16: Force-displacement response of U-shaped walls tested by Ile and Reynouard
(2005) under unidirectional loading (in blue) and bidirectional loading (in
red): (a) parallel to flanges, (b) parallel to web, from Beyer et al. (2017)......... 79

Figure 3-17: Normalised moment-drift response of U-shaped wall tested under
unidirectional loading by Behrouzi et al. (2010).....cccoereenecreenrerneererneeneessesseeeeeseeanes 79

Figure 3-18: Normalised moment-drift response of U-shaped wall tested under

bidirectional loading by Behrouzi et al. (2010): (a) strong axis, (b) weak axis

Figure 3-19: Photograph of the carpark at the California State University Northridge
Campus taken after the 1994 Northridge (The Atlantic Monthly Group, 2014)

........................................................................................................................................................... 81
Figure 3-20: CTV building plan for level 2, (CERC, 2012D) ..couoirienrereereereeseereeeseensesseeseeseessesseeens 83
Figure 3-21: PGC typical upper level building plan, (CERC, 2012b)...ccccoruurrereenmernmeenreesseeeseeenne 84

Figure 3-22: Progressive collapse scenario based on analysis conducted by Beca (CERC,
20T12D) crtereeereetreeestese st RS AR 84
Figure 3-23: Typical stress-strain curves for Y-bars provided by: (a) Tempcore, (b)
WEIDEIIA ... eeeeeeeteesesee ettt tss bbb e ekt 86
Figure 3-24: Predicted mean flexural tensile strength from characteristic concrete

compressive strength (fib (2010) values are based on wall length of 3000 mm)

| xxi |



Figure 4-1: Summary of various beam-column joint MOdels .........cnenrenreereeneenseenseeseesseceseeenne 95

Figure 4-2: Backbone curve for beam-column joint reSPONSE......oucereereereenreenseerernsesseeseesesssesssenns 97
Figure 4-3: Joint classification and Y, values in ASCE/SEI 41 (adopted from ASCE/SEI

2013) ceeeeereerreeeseeesees s s s s RS e R R SRR R R AR e 101
Figure 4-4: Various hysteretic responses, adopted from FEMA P44A (2009) .....cccoouconmeenees 105

Figure 4-5: Hysteretic models: (a) Ibarra-Medina-Krawinkler Deterioration Model (Ibarra

et al, 2005) model (b) Pinching4 model (Lowes & Altoontash; Lowes et al,,

Figure 4-6: Flexural response modelling approaches: (a) lumped plasticity element, (b)
distributed plastiCity €1eMENTt........coorerrereereerecsee et ssesesseens 108
Figure 4-7: Idealisation of linear curvature distribution for the purpose of plastic hinge
analysis, from (Priestley et al., 2007) where Lp is equivalent plastic hinge
length and Lsp is the strain penetration length.........oeneeneneesneenecseeseeneens 110
Figure 4-8: Simulated response of an elastic-perfectly plastic cantilever RC column with
degrading strength for various number of integration points, adapted from
Coleman and Spacone (2001 ....cnrnenenmemeeressmssssssssssssssssssssssssssssssssssssssssssessssssssess 113
Figure 4-9: Simulated force-displacement response of a bridge pier investigated by Scott
and Fenves (2006) using: (a) Force-based element, (b) Forced-based element
with material regularisation, and (c) forceBeamColumn element..................... 114

Figure 4-10: Longitudinal bar anchorage stresses and strains (Ghannoum & Moehle, 2012)

........................................................................................................................................................ 115
Figure 4-11: Altered material properties for zero-length fibre-section to simulate bar-slip
(Ghannoum & Moehle, 201 2] sessesseesee s sesss s sessse s ssssseeans 116
Figure 4-12: Definition of critical points for the lateral strength-displacement response of
NON-AUCHLE COIUIMNS .ottt st s 117
Figure 4-13: Shear force-deflection backbone defined by LeBorgne (2012) .....cccoveveereennes 118

Figure 4-14: Material model capturing shear failure for columns with shear strength less
than the flexural strength, adapted from Elwood (2004). .....ccoovenenreenecereenneeneens 122
Figure 4-15: Material model capturing shear failure due to exceedance of shear
displacement capacity, adapted from Elwood, (2004)......ccccouneominereenneereenserneens 122
Figure 4-16: Numerical solutions possible for: (a) hardening flexural response, and (b)
softening flexural response, from EIwo0d (2004) .....cooeeeeenreereemreernmernmeesseesseesseeens 123
Figure 4-17: Limitation of series modelling approach resulting in an offset of e in the

flexural displacement, from EIW00d (2004).....cccourvrnmmmenmernmesmernemssnesssssesssesessnens 123

| xxii |



Figure 4-18: Wide-column model: (a) C-shaped wall member positioning, (b) C-shaped
wall cross-section idealisation; two flange members and one web member,
adapted from Beyer et al. (2008a)....ccooenereeneererneeseeeeeseesesseessesssessesssesssssessssssesseens 130
Figure 4-19: Results presented in Beyer et al. (2014) comparing force-deformation
response of individual for various modelling approaches .......ccoeeeneenreeneens 132
Figure 4-20: Results presented in Beyer et al. (2014) comparing force-deformation
response of interconnected walls and the total system for various modelling
21 0] 0) 0T Uo] 0 U= 0O T OSSP 132
Figure 5-1: Concrete04 material model, adapted from McKenna et al. (2000) ......coccrreennee 136
Figure 5-2: Steel02 material model without isotropic hardening, adapted from McKenna et
al. (2000) (where E; is initial stiffness and E; is post yield stiffness)............... 136
Figure 5-3: Moment, shear and axial forces (in blue), and internal forces (in green) acting
on an exterior and INTErior JOINT .. ———— 139

Figure 5-4: Comparison of simulated and experimental response of non-ductile joints with

a brief description of the observed failure mechanism ... 151
Figure 5-5: Comparison of drift at ultimate strength or at shear failure........ccccoueenrenneennnes 156
Figure 5-6: Comparison of drift at axial 10ad failure ... 156

Figure 5-7: State-of-the-art column element modelling technique for distributed plasticity
1 0] 0 0T o PP 157
Figure 5-8: Comparison between simulated and experimental shear force versus drift
FESPONSE Of COIUMMNS ..ttt s sees 159
Figure 5-9: Proposed column element configuration for lumped plasticity approach...... 160
Figure 5-10: Idealised moment-rotation response of columns: (a) Global response, (b)
Proposed backbone response for zero length Springs .......c.enenmeesneesseceneeens 161
Figure 5-11: Comparison of simulated and experimental response of non-ductile columns
with a brief description of the observed failure mechanism........ccorererenenn. 170
Figure 5-12: Pushover analysis of a 5-storey RC frame using different column modelling
APPTOACHES ..ottt e e s R R 171
Figure 5-13: Simulation of softening wall response with different number of IPs: (a) 3 IPs,
(b) 4 IPs, () 5IPS, and (d) 7 IPS coeereeereerseeeseemeeseesseesssesssessseessessssssssesssssssessssessessees 173
Figure 5-14: Simulation of hardening wall response with different number of I[Ps: (a) 3
IPs, (b) 4 IPs, () 5 IPS, and (d) 7 IPS .eeeeereerreeseesseeeseesssesseeseesssesssesssessseeseeens 174
Figure 5-15: Modelling techniques for accurately simulating the flexural response of

rectangular walls: (a) Method 1, (b) Method 2.......oenrenneeseeneeneenseeseeeseeeseeens 176

| xxiii |



Figure 5-16: Comparison of simulated and experimental response of lightly reinforced
walls for which secondary cracking is predicted, and a brief description of the
observed failure MechaniSm ... 181
Figure 5-17: Comparison of simulated and experimental response of lightly reinforced
walls for which a single crack is predicted, and a brief description of the
observed failure MeChANISI ... sess e enens 182
Figure 5-18: Conventional distributed plasticity approach (stick model) for modelling non-
PlaNAT WaAILS ..ottt 184

Figure 5-19: Wide column modelling technique for simulating the response of non-planar

Figure 5-20: Cross-section of wall specimen tested by: (a) Beyer et al., (2008b) specimen
TUA, (b) lle and Reynouard (2005) ... cmeneereereensesseensessesesseessesssssssssssssssssesseens 185
Figure 5-21: Specimen TUA crack pattern at displacement ductility of 6.0: (a) South face,
(b) West face, (b) North face, (d) East face ....onneonnensnenessnsessesssssssenns 188
Figure 5-22: Specimen TUA crack pattern at a displacement ductility of 8.0 at the base of
the wall and rupture of longitudinal bars in flange region.........ccoueeeneenrienseenne. 188
Figure 5-23: Comparison between simulated and experimental results for specimen TUA
tested by Beyer et al,, (2008) TUA ....ooerenecreenrerseeseeseeesesssessssss s sssssssssesssssssesssens 189
Figure 5-24: Crack pattern of wall during X-direction testing for specimen tested by Ile and
ReYNOoUArd (2005) ..oceeeeemeeseerrerrerssessseesseesssessssssseessessesssesssesssessssssssssssessssssssesssesssesssseens 191
Figure 5-25: Crack pattern of wall during Y-direction testing for specimen tested by Ile and
ReYNoUArd (2005) ..oceeeeeneereerrermerssessseessessssessssessesssessssssesssesssessssssssssssessssssssesssesssesssseens 191
Figure 5-26: Comparison between simulated and experimental results for specimen tested
by Ile and Reynouard (2005) ....cceernernmerneesseeesesessssssssssesssessesssessssessssssssssssssessans 192
Figure 5-27: Comparison of simulated and experimental response of lightly reinforced
rectangular walls for which a single crack is predicted, using lumped and
distributed plasticity apPIroaCh ... sessseeseeens 195
Figure 5-28: Box-shaped and C-shaped core wall detailing for a 5-storey building............ 197
Figure 5-29: Force-deformation response of C-shaped core walls; comparison between
Hoult (2017) analytical model, simulated response using distributed plasticity
approach, and backbone for lumped plasticity approach.........eecnenenens 199
Figure 5-30: Strain distribution of lightly reinforces box-shaped and C-shaped core walls
for bending about the minor axis (t: tensile strain, c: compressive strain)....200
Figure 5-31: Strain distribution of lightly reinforces box-shaped and C-shaped core walls

for bending about the major axis (t: tensile strain, c: compressive strain)....200

| xxiv |



Figure 5-32: Force-deformation response of box-shaped core walls; comparison between
Hoult (2017) analytical model, simulated response using distributed plasticity
approach, and backbone for lumped plasticity approach.......eeoneenrceneen. 201
Figure 5-33: Schematic showing plan congfiguration of interconnected core walls........... 201
Figure 5-34: Schematic showing the elevation configuration of interconnected core
walls: (a) distributed plasticity approach, (b) lumped plasticity approach...202
Figure 5-35: Response of interconnected core walls under pushover analyses for walls
modelled using lumped plasticity and distributed plasticity approach........... 204
Figure 5-36: Schematic showing the elevation configuration of interconnected core walls
with moment rotation spring and shear SPring ... 205
Figure 5-37: Response of interconnected core walls under pushover analyses with lift core
WIT for different levels of shear flexibilities ... 207
Figure 5-38: Response of interconnected core walls under pushover analyses with lift core
WiC for different levels of shear fleXibilities ... 208

Figure 6-1: Graphical representation of performance levels: (a) walls, (b) frame

COIMPONENTS w.rureurreeuressesresssesessss s s s s s s s s s st se bbb 225
Figure 7-1: 2-storey building plans with plan symmetry and asymmetry ... 233
Figure 7-2: 5-storey building plans with plan symmetry and asymmetry ... 233
Figure 7-3: 9-storey building plans with plan symmetry and asymmetry ..........cccoueeenmeennees 233
Figure 7-4: Perimeter beam and column designs for archetypal buildings .........ccccoueernreennees 234
Figure 7-5: Stair and lift core designs for archetypal buildings .......ccccconeereenreneenseneenreseeseenees 235

Figure 7-6: Schematic of nonlinear building model (example for 5-storey plan-symmetric
DUILAINE) ceeieeieeeeeerecise sttt es e s bbb s s 239
Figure 7-7: Medium bound reduction factors to account for biaxial bending for: (a) corner
columns, (b) interior span perimeter columns, (€) WallS.....ccoucominrereenneereenreeneens 240
Figure 7-8: Lower bound reduction factors to account for biaxial bending for: (a) corner
columns, (b) interior span perimeter columns, (€) WallS.....cccoucominrerienneereenreeneens 241
Figure 7-9: Dispersion factors for buildings with plan symmetry computed using only the
x-component of the ground MOTION ... 246
Figure 7-10: Dispersion factors for buildings with plan symmetry where the IM is

computed using the geometric mean of x- and y-component of the ground

001010 o) L 247
Figure 7-11: PSDM for 2-storey symmetric building with PGA as the IM ..o 251
Figure 7-12: PSDM for 2-storey symmetric building with PGV as the IM ..o 252
Figure 7-13: PSDM for 2-storey symmetric building with RSDmax as the IM.......ccoveenneees 252
Figure 7-14: PSDM for 5-storey symmetric building with PGA as the IM ..o 253

| xxv |



Figure 7-15: PSDM for 5-storey symmetric building with PGV as the IM .......ccoconeeneenneennees 253

Figure 7-16: PSDM for 5-storey symmetric building with RSDmax as the IM.......cooveeeniennes 254
Figure 7-17: PSDM for 9-storey symmetric building with PGA as the IM........cccouenneenenns 254
Figure 7-18: PSDM for 9-storey symmetric building with PGV as the IM ....c..cccooneernrenneennees 255
Figure 7-19: PSDM for 9-storey symmetric building with RSDpax as the IM.......oooveeeneenees 255

Figure 7-20: Fragility curves for 2-storey building, using PGA, PGV and RSDma.x as IM, solid
line: only By;mc is considered, broken line: By;mc, Bcand Buare considered.256
Figure 7-21: Fragility curves for 5-storey building, using PGA, PGV and RSDn.x as IM, solid
line: only By;mcis considered, broken line: Byjmc, Bcand Bmare considered..257
Figure 7-22: Fragility curves for 9-storey building, using PGA, PGV and RSDnax as IM, solid
line: only By;mcis considered, broken line: Byjme, Bcand Bumare considered..258
Figure 7-23: Comparison between the probability of exceedance computed using PGV and
RSDmax as the IM under a 500 YRP event (kyZ of 0.1 g) for four performance
levels (Bc and Bum are Not CONSIAETEA) .. wrrerrerreeereeeeereeseereersre e seneseesseessesnaas 260
Figure 7-24: Comparison between the probability of exceedance computed using PGV and
RSDmax as the IM under a 2500 YRP event (k,Z of 0.18 g) for four performance
levels (Bc and Bmare not CONSIAEred) .....oenenreeneeneeneeseesee e seessesessseesesseens 261
Figure 7-25: Comparison between different methods for calculating the critical demand-
to-capacity ratio for the 2-storey plan-asymmetric building at different
performance levels: (a) Serviceability, (b) Damage Control, (c) Life Safety, and
(d) CollapSe PrevVention ... eesessessesssssessssssssssssssssss s sssssssssessssssssssssssssses 265
Figure 7-26: Comparison between different methods for calculating the critical demand-
to-capacity ratio for the 5-storey plan-asymmetric building at different
performance levels: (a) Serviceability, (b) Damage Control, (c) Life Safety, and
(d) CollapSe PreVENTION ... ieeeeererreessessseesseesssesseesssesseessesssesssesssesssessssssssssssessssssssesssees 266
Figure 7-27: Comparison between different methods for calculating the critical demand-
to-capacity ratio for the 9-storey plan-asymmetric building at different
performance level: (a) Serviceability, (b) Damage Control, (c) Life Safety, and
(d) CollapSe PreVENTION . ..o ieeeeeeeeereesseesseesseessesssessssesseesssesssesssesssesssessssssssssssessssssssessnees 267
Figure 7-28: Dispersion factors for buildings with plan asymmetry where the critical
demand-to-capacity ratio is calculated USING Yy y.SRSS wewemrereeserseesrersmesseeneesseessessenns 268
Figure 7-29: Dispersion factors for buildings with plan asymmetry where the critical
demand-to-capacity-ratio is calculated USING Yxy.max ceeeeeeeeseemeesseessmerrersseessecseeens 269
Figure 7-30: Comparison between fragility curves for 2-storey plan-symmetric and plan

asymmetric buildings using PGA, PGV and RSDmax as IM (green curves:

| xxvi |



Serviceability, purple curves: Damage Control, blue curves: Life Safety, grey
curves: Collapse Prevention) ... ssssssssssssssssssssens 272
Figure 7-31: Comparison between fragility curves for 5-storey plan-symmetric and plan
asymmetric buildings using PGA, PGV and RSDmax as IM (green curves:
Serviceability, purple curves: Damage Control, blue curves: Life Safety, grey
curves: Collapse Prevention) ... ssssssssssssssssssses 273
Figure 7-32: Comparison between fragility curves for 9-storey plan-symmetric and plan
asymmetric buildings using PGA, PGV and RSDmax as IM (green curves:
Serviceability, purple curves: Damage Control, blue curves: Life Safety, grey
curves: Collapse Prevention) ... ssesessssssssssssssssssssssssssssssssssens 274
Figure 7-33: Comparison between the probability of exceedance computed using PGV and
RSDmax as the IM under a 500 YRP event for four performance levels for
asymmetric buildings without any reduction for biaxial bending........cc.cceceu.... 275
Figure 7-34: Comparison between the probability of exceedance computed using PGV and
RSDmax as the IM under a 2500 YRP event for four performance levels for
asymmetric buildings without any reduction for biaxial bending.........cc.con..... 276
Figure 7-35: Maximum and minimum probability of exceedance computed for the

archetypal buildings for basic safety performance objectives........ccoueneenreeneen. 279

| xxvii |



xxviii



LIST OF NOTATIONS

fe
f’CI

is the confined area of a column cross-section
is the shear area of a section

is a factor which accounts for the depth of the component when computing the
mean f, in accordance with fib (2010)

is the gross cross-sectional area of a member

is the joint cross-sectional area

is the total cross-sectional area of longitudinal reinforcement
is the strut area

is the cross-sectional area of transverse reinforcement (ties)
is the shear span of a member

are the parameters obtained from regression analysis (for a power-law demand
model)

is the width of a beam cross-section in the plane of bending
is the width of a column cross-section in the plane of bending
is the effective width of a beam cross-section

is the effective width of a joint

is the width of the web of a member

is the collapse situation

is the non-collapse situation

is the diagonal strut capacity

is the depth from the ground surface to bedrock; or
is the effective depth of a cross-section in the plane of bending

is the diameter of a bar

is the beam longitudinal reinforcement bar diameter

is the column longitudinal reinforcement bar diameter

is the transverse reinforcement (ties) bar diameter

is the thickness of the soil layer i

is the elastic modulus of concrete

is the site amplification factor applied at the natural period of 5 seconds

is the site amplification factor in the acceleration controlled region of the
response spectra

is the maximum amplification factor of a site
is the lateral strength at ultimate capacity

is the site amplification factor in the velocity controlled region of the response
spectra

is the lateral strength at yield capacity

is a factor which represents the horizontal confinement effects due to the
transverse reinforcement in the joint

is the compressive strength of concrete in a finished structure

is the compressive strength of concrete
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is the compressive strength of confined concrete

is the mean compressive strength of concrete

is the uniaxial tensile strength of concrete

is the flexural tensile strength of concrete

is the effective strut compressive strength

is the measured compressive strength of concrete at 28 days
is the stress in the reinforcement

is the maximum reinforcement stress

is the ultimate strength of reinforcement

is the axial load stress on the joint

is the yield strength of reinforcement

is the yield strength of transverse reinforcement (ties)

is the shear modulus of concrete

is the effective shear modulus of concrete

is the element height

is the effective wall height

is the shear span of a wall

is the depth of a cross-section in the plane of bending

is the depth of a beam cross-section in the plane of bending
is the depth of a column cross-section in the plane of bending
is the link spacing (used in wide column model)

is the intensity measure

is the gross second moment of area of a section

is a factor to account for the curing procedure (when computing f..)
is the degrading shear slope

is the total degrading stiffness

is the degrading slope for the backbone definition of a moment-rotation spring

is the global degrading slope for half the double curvature column (or beam)
moment-rotation response

is the shear form factor which is taken as 5/6 for rectangular walls

is the torsional stiffness of horizontal links (used in wide column model)
is the flexural degrading stiffness

is a factor to account for workmanship (when computing f.)

is a factor which accounts for joint position and detailing

is the probability factor for the annual probability of exceedance for the limit
state under consideration in accordance with AS 3600:2009

is the member clear height

is the column height

is the equivalent plastic hinge length for a member
is the strain penetration length

is the wall length
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is the provided reinforcement embedment length
is the required reinforcement development length
is the nominal yield moment capacity of a section

are the expected moment capacities of the adjacent beams (left and right) at the
centroid of the joint

are the expected moment capacities of the adjacent columns (above and below)
at the centroid of the joint

is the cracking moment capacity of a section

is the maximum moment capacity of a section

is the ultimate moment capacity of a section

is the yield moment capacity of a section

is the number of grids of transverse reinforcement (for walls)
is the axial load on the member

is the axial load on the member due to gravity and seismic loading
is the peak ground acceleration

is the peak ground displacement

is the peak ground velocity

is the acceleration response spectra

is the maximum spectral acceleration response

is the displacement response spectra

is the maximum spectral displacement response

is the rock displacement response at the site's degraded period (Tgf)

is the maximum spectral velocity response

is the median value of the structural limit state (capacity)
is the median value of the demand as a function of IM

is the sway potential index

is the longitudinal reinforcement slip

is the spacing of transverse reinforcement (ties)

is the natural period

is the first corner period; or
is the fundamental building period

is the second corner period; or
is the second fundamental building period

is the period at which the hard rock displacement response is amplified by Fg;;e
to calculate the magnitude of RSD;,,«

is the second corner period used to construct the response spectra, it represents
the period at which RSD,,,, initiates
is the period for which the maximum displacement response ends

is the period for which a constant value of spectral displacement response is
reached in the long period range

is the fundamental natural site period
is the degraded (or final) site period

is the initial site period
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is the wall thickness

is the elastic bond stress

is the plastic bond stress

is the shear force

is the horizontal joint shear force

is the horizontal joint shear strength

is the weighted average shear wave velocity over the full depth of the profile
until rock conditions are reached

is the weighted average shear wave velocity at a depth of 10 m

is the weighted average shear wave velocity at a depth of 30 m

is the weighted average shear wave velocity at a depth of 5 to 20 m
is the ultimate shear capacity

is the concrete contribution to shear strength

is the transverse reinforcement contribution to shear strength

is the average normalised shear stress (for walls)

is the shear wave velocity of layer i

is the critical demand-to-capacity ratio

is the square-root-of-the-sum-of-squares of the critical demand-to-capacity ratio
in the x- and y-direction

is the greater of Y, and Y,,

is the critical demand-to-capacity ratio in the x-direction
is the critical demand-to-capacity ratio in the y-direction
is the hazard earthquake factor

is the reduction factor to account for bond-slip of beam longitudinal
reinforcement bars

is the logarithmic standard deviation of the demand as a function of IM
is the capacity uncertainty
is the modelling uncertainty

is the dispersion (logarithmic standard deviation) of the critical demand-to-
capacity ratio as a function of IM

is the dispersion of the critical demand-to-capacity ratio as a function of IM for
non-collapse situations

is the concrete softening coefficient
is the shear strain

is the shear strain corresponding to the first point of the joint shear stress-strain
curve

is the shear strain corresponding to the second point of the joint shear stress-
strain curve

is the shear strain corresponding to the third point of the joint shear stress-
strain curve

is the shear strain corresponding to the fourth point of the joint shear stress-
strain curve

is the lateral displacement at axial load failure
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is the flexural displacement

is the lateral displacement at shear failure

is the shear displacement

is the lateral displacement due to bar-slip

is the lateral displacement at ultimate capacity
is the lateral displacement at yield capacity

is the drift at axial load failure

is the drift at shear failure

is the drift at ultimate capacity

is the drift at yield capacity

is the axial strain at the centroid of the wall

is the strain in the reinforcement

is the strain of the reinforcement at ultimate tensile strength

is the median critical demand-to-capacity ratio as a function IM for non-collapse
situations

is the median critical demand-to-capacity ratio as a function IM
is the rotation at axial load failure for the total response of a member

is the rotation at axial load failure for the backbone definition of a moment-
rotation spring

is the rotation at nominal yield for the total response of a member

is the rotation at nominal yield for the backbone definition of a moment-rotation
spring

is the strut angle; or
is the rotation at shear failure for the total response of a member

is the rotation at shear failure for the backbone definition of the moment-
rotation spring

is a factor to account for the weight of concrete aggregate when calculating
nominal joint shear capacity in accordance with ASCE 41 (ASCE/SEI, 2013)

is the structural ductility factor

is the longitudinal reinforcement ratio of a section

is the area ratio of transverse reinforcement of a section
is the volumetric ratio of transverse reinforcement

is the minimum longitudinal reinforcement ratio required to form secondary
cracking for walls

is a factor to account for joint type when calculating nominal joint shear capacity
in accordance with ASCE 41 (ASCE/SEI, 2013)

is the horizontal joint shear stress

is the horizontal shear stress corresponding to the first point of the joint shear
stress-strain backbone

is the horizontal shear stress corresponding to the second point of the joint
shear stress-strain backbone

is the horizontal shear stress corresponding to the third point of the joint shear
stress-strain backbone

is the horizontal shear stress corresponding to the fourth point of the joint shear
stress-strain backbone
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is the horizontal shear stress corresponding to the joint shear strength
is the horizontal joint shear cracking stress

is the maximum horizontal joint shear stress

is the horizontal joint shear residual stress

is the horizontal shear stress corresponding to the stress induced in the joint
due to the adjacent beam/s or column/s reaching ultimate capacity

is the horizontal shear stress corresponding to the stress induced in the joint
due to the adjacent beam/s or column/s reaching yield capacity

is the curvature of a section; or
is the strength reduction factor; or
is the standard normal cumulative distribution function

is the curvature at nominal yield

is the curvature at ultimate capacity

is the curvature at initial yield
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CHAPTER 1: INTRODUCTION

1.1 BACKGROUND

The standard of earthquake-resistant design and detailing in Australia has generally been
low, especially for those buildings designed prior to the gazetting of the earthquake
loading standard, AS 1170.4 in 1995. This is mainly due to the low-to-moderate seismicity
in Australia (which means that, at a given site, significant earthquakes occur infrequently),
the generally poor understanding in the engineering structural design community of the
response of buildings to large seismic excitations, and the lack of enforcement of
appropriate practice for seismic design and detailing. Therefore, it is generally accepted
that many buildings in Australia are not likely to perform well in the event of a large
earthquake. However, over recent years there has been an increasing interest in assessing
the seismic resilience of potentially vulnerable buildings in Australia and to improve
design standards and codes. This is primarily due to greater global awareness of the
catastrophic losses caused by earthquakes. In particular, the Christchurch earthquake
which occurred on 22nd February 2011 (Canterbury Earthquakes Royal Commission,
2012b) was influential in encouraging a movement towards better design and detailing in
the Australian structural design community. This was because the Christchurch
earthquake occurred on an unknown fault in a moderate seismic region, with a faulting
mechanism very similar to that exhibited by the type of earthquakes which occur in
Australia: shallow, reverse faulting with high stress drop (Brown & Gibson, 2004;
Goldsworthy, 2013). In addition, the Christchurch earthquake highlighted the poor
performance of non-conforming or poorly detailed RC buildings and unreinforced
masonry structures for which the design practice resembles that used in Australia. This
raised alarm bells in Australia because of the great uncertainty regarding the economic
and social impact on one of the capital cities if a large earthquake occurred, even though

the likelihood of such an event is very rare.

In order to make informed decisions regarding the vulnerability of buildings to
earthquakes, including the need for seismic retrofitting, changes to design standards and
codes, and the development of insurance policies, it is necessary to conduct assessment of
vulnerable buildings. To assist with risk mitigation decisions in Australia, the Cost-Effective
Mitigation Strategy Development for Building Related Earthquake Risk project was

established under the Bushfire and Natural Hazards Cooperative Research Centre
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Chapter 1: Introduction

(BNHCRQ). This study forms part of the BNHCRC project with the aim of assessing the
vulnerability of older existing RC buildings.

The seismic vulnerability of buildings, usually categorised based on height range,
construction material, and structural system, is typically assessed by developing fragility
curves. Fragility functions define the building’s probability of exceeding a damage limit
state as a function of a ground motion intensity measure. There are three main approaches
used to develop fragility curves; observation from previous earthquakes, expert opinion,
and structural analysis and simulations (Baker, 2015; Jeon, 2013; Porter et al., 2007).
Observation based procedures have the benefit of using historical events, however, they
have significant limitations due to lack of sufficient damage data (especially in regions of
low and moderate seismicity) and variation in seismic intensity. Fragility functions
developed from expert opinion are also highly subjective and the quantification of
unknowns and uncertainties is not possible. The most objective and reliable approach for
developing fragility curves is via structural analysis and simulations. However, knowledge
from previous earthquakes and knowledge gained from expert opinions can be used to

help improve the results obtained from structural simulations.

The development of fragility curves from structural analysis forms a critical component of
the performance-based earthquake engineering (PBEE) framework for risk assessment.
PBEE was initially developed by the Pacific Earthquake Engineering Research Center
(PEER) and aims to improve the design and assessment methods used to determine the
behaviour of buildings under seismic loading in order to improve seismic risk mitigation
decisions (Deierlein et al., 2003). Performance-based seismic assessment specifically aims
to quantify the likely response of buildings to different intensities of seismic excitation via
a probabilistic approach. The PBEE framework for the purpose of conducting assessment
is summarised into four stages (Calvi et al., 2014; Moehle & Deierlein, 2004): (i) hazard
analysis; the site hazard is defined usually by conducting a probabilistic seismic hazard
analysis (PSHA) study which allows the site hazard to be related to a suitable intensity
measure and appropriate ground motion records are selected for conducting structural
analysis, (ii) structural analysis; nonlinear model of the building is created and time
history analyses are conducted to obtain the building response which may be defined by
various engineering demand parameters, including interstorey drift, component chord
rotations, and floor accelerations (iii) damage analysis; engineering demand parameters
are related to damage measures or performance levels and based on the probabilistic
seismic demand model, fragility curves are computed, and (iv) loss analysis; the

probabilistic description of the damage obtained in the previous step is related to loss
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Chapter 1: Introduction

quantities associated with risk management decisions, including cost for down-time,

repair, and fatalities. An overview of the four stages is provided in Figure 1-1.

The current platform established in Australia for modelling earthquake hazard and
estimating losses is EQRM (Robinson et al., 2005). It is maintained by Geoscience Australia
and it incorporates the methodology adopted by HAZUS developed by the Federal
Emergency Management Agency (FEMA, 2010). However, the fragility curves which are
currently utilised by Geoscience Australia are primarily based on expert opinion (Magsood

etal,, 2014) and are therefore highly subjective.

) e N ’ \ ’ \ 7 \
Facility Hazard Analysis Structural Analysis Damage Analysis Loss Analysis
Defintion Site hazard Structural model Assign damage Repair costs
Structural . . X fragility to =
Geotechnical Nonlinear time contents Probability of
type consideration history analysis . collapse
Occupancy i i Estimate damage o
) ] Ground motpn Obtain structural of inventory using Estlmatpn of
Site location record selection response data response data downtime
\ J \, J \, J \, J

Figure 1-1: Overview of the four stages of the PEER PBEE framework, adapted from
Calvietal. (2014)

1.2 PROBLEM STATEMENT

The aim of this study is to assess the seismic performance of in-situ reinforced concrete
buildings by developing fragility curves and evaluating their response with respect to
performance objectives. The buildings assessed are under 10-storeys high and constructed
prior to 1995. This class of buildings has been identified to be particularly vulnerable to
earthquakes due to the relatively low natural periods of buildings in this height range, and
lack of consideration given to seismic design and detailing. These buildings typically have
core walls as the lateral load resisting system, also referred to as the primary system, and
perimeter moment resisting frames (MRFs) together with band-beam or flat-slab floor
systems as the gravity load resisting system, also referred to as the secondary system. This
form of construction, where the walls are designed to carry all of the lateral loading, has
been very popular in Australia. The usual approach has been to design the primary system
and secondary system separately, and, in retrospect, this has led to concerns about the
displacement compatibility between the two systems. This is particularly a concern for
buildings with plan asymmetry due to eccentrically placed core walls which has been a
popular form of construction in the past from an architectural perspective. Furthermore,
earthquake reconnaissance studies have highlighted that the collapse of buildings may

occur due to failure of the gravity load resisting systems (Goldsworthy & Gibson, 2012;
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Kam et al,, 2011; Norton et al., 1994), therefore it is important that a holistic approach is
taken to assess the seismic performance of existing RC buildings. Hence, in this study, the
seismic performance of the buildings is assessed by considering both the lateral load

resisting system and the gravity load resisting system.

The fragility curves are developed in line with the first three steps involved in the PBEE
assessment procedure. The issues and challenges involved in conducting hazard analysis,
structural analysis, and damage analysis in relation to this study are discussed in the

following subsections.

1.2.1 Hazard analysis

For regions of low-to-moderate seismicity the quantification of seismic hazard is
particularly challenging and debatable in comparison to regions with high seismicity
predominantly due to the paucity of historical events in the former case. A review of
existing hazard models is needed to select an appropriate model to represent the seismic
demand for Australia. Furthermore, the paucity of historical records in regions of low-to-
moderate seismicity produces a challenge in conducting dynamic time history analyses.
Hence, careful consideration needs to be given to selecting suitable ground motion records

to conduct analyses.

Local site conditions can also significantly influence the intensity of the shaking that can
take place at a site. The effect of these conditions is taken into account in the Australian
earthquake loading standard, AS 1170.4:2007, however the current approach needs to be
improved. In the current procedure within AS 1170.4:2007, the response spectrum for
various site conditions is obtained by modifying the rock response spectra by the use of
amplification factors. These amplification factors are based on studies which obtain the
response spectra for the various classes by taking the average site response from various
historical records or alternatively from numerical analyses representative of a particular
class. This approach was adopted within the study conducted by Crouse and McGuire
(1996) and has formed the basis of the International Building Code and AS 1170.4 (Wilson
& Lam, 2007). However, recent studies have highlighted that the current codified
approaches have significant limitations, especially when used to determine the seismic

demand on non-ductile buildings (Lam & Wilson, 2004; Tsang et al., 2013).

1.2.2 Structural analysis

A thorough understanding of the construction and design of older buildings is needed in

order to characterise the vulnerable buildings to be assessed. This includes determining
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typical building configurations and the detailing that was used for the various
components, and determining suitable material properties to be adopted for assessment.
Furthermore, the likely failure mechanism of building components and global building
response needs to be determined. Based on this information archetypal buildings can be

developed for which nonlinear structural models are created and analysed.

In general, the buildings which are being assessed in this study have seismically non-
conforming detailing when compared with what is considered best practice in high
seismic regions including the United States and New Zealand. The building components
have been designed with ordinary or limited ductile reinforcement detailing in accordance
with the terminology adopted in the concrete structures standards, AS 3600:2009
(Standards Australia, 2009). This form of detailing is commonly referred to as non-ductile
detailing and it will be the terminology used in this study. It is also sometimes
interchangeably used with non-conforming detailing. The typical detailing deficiencies
which are characteristic of non-ductile RC frame components include: inadequate ties in
beams and columns (for shear strength and confinement), insufficient ties in beam-column
joints, poor anchorage and splices of longitudinal bars in beams and columns, splices of
longitudinal bars located in potential hinge regions, and columns having bending moment
capacities which are approximately the same or less than the adjoining beams thus making
the frame vulnerable to the undesirable weak-column strong-beam scenario under lateral
loading. The typical detailing deficiencies common to non-ductile RC walls include: low
percentage of longitudinal reinforcement ratio, insufficient or no confinement in the
boundary regions, and insufficient and poorly anchored transverse reinforcement for

shear strength.

The modelling and prediction of the response for non-conforming RC buildings is much
more challenging when compared with seismically well designed buildings. The detailing
deficiencies common to non-ductile building components make them susceptible to
undesirable and brittle failure mechanisms which are not necessarily accounted for using
regular macro-finite element modelling techniques. Therefore special modelling
techniques need to be utilised to capture the true response of the non-ductile buildings up
to the point of collapse. For non-ductile buildings this usually corresponds to loss of axial
load carrying capacity of the building components rather than instability or sideway
collapse which is typical of ductile buildings. A detailed evaluation of the current state-of-
the-art modelling approaches is needed in order to determine the most suitable method
for the type of buildings which are being assessed. Furthermore, since the assessment of

the buildings includes plan-asymmetric buildings, 3-dimensional (3D) nonlinear models
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will need to be developed to obtain the torsional response of the buildings. Dynamic time
history analysis (instead of static pushover analysis) will need to be conducted since
higher mode effects may be significant for plan-asymmetric buildings. Furthermore, the
displaced shape of the building is also likely to change during the analysis depending on
whether the response of the building is governed by the primary lateral load resisting
system or the gravity load resisting system (once the primary system loses its stiffness
and strength). Hence, a predefined force distribution cannot be imposed on the building as
done in pushover analysis to obtain the building response up to collapse. Therefore, the
modelling methods adopted will need to be suitable for 3D nonlinear time history analysis.
In addition, to ensure the approach is effective it needs to achieve three key criteria,

including; accuracy, computational efficiency, and numerical stability and reliability.

1.2.3 Damage Analysis

A critical component of damage analysis is to develop suitable structural damage limits
and non-structural drift limits to define performance levels. These damage limits will need
to be selected such that they are appropriate for the type of buildings assessed in this
study. Furthermore, a suitable method to develop the probabilistic seismic demand model
needs to be determined in order to develop fragility curves. Careful consideration also
needs to be given to the selection of a suitable intensity measure as it can significantly
affect the conclusions derived from fragility curves. Finally, appropriate performance
objectives need to be defined in order to evaluate the seismic performance of the

archetypal buildings.

1.3 RESEARCH OBJECTIVES

The following objectives are required in order to successfully achieve the overall aim of
this study:
i.  Characterise the seismic demand and determine a suitable hazard model to be
adopted for Australia.
ii.  Select suitable ground motions for site response analyses and nonlinear time
history analyses of RC buildings.
iii. = Evaluate and improve the methods currently used to incorporate the influence of
local site conditions on seismic site response.
iv.  Review the history of building design and construction in Australia and develop

archetypal building designs representative of older existing buildings.
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v.  Identify the governing failure mechanisms of the building components belonging
to the lateral load and gravity load resisting systems; that is, the core walls and the
moment resisting frames.

vi.  Determine appropriate material properties to be adopted for the assessment of the
archetypal buildings.

vii.  Evaluate various macro-finite element nonlinear modelling methods and
determine a suitable approach to model the archetypal buildings. The models need
to be capable of simulating damage progression up to the point of (near) collapse
defined as loss of axial load carrying capacity of the building components.

viii.  Determine an appropriate framework for conducting seismic fragility assessment
of the buildings.

ix.  Conduct the analyses and develop fragility curves for the archetypal buildings.

x.  Evaluate the seismic performance of the archetypal buildings.

1.4 THESIS OUTLINE

This thesis is presented in eight chapters. The chapters have been organised such that they
follow the seismic fragility assessment procedure. Therefore, for clarity and coherence, the
literature review related to each phase of the assessment procedure has been provided in
separate chapters, namely the literature review related to: (i) Hazard Analysis is provided
in Chapter 2, (ii) Structural Analysis is provided in Chapters 3 and 4, and (iii) Damage

Analysis is provided in Chapter 6. A brief description of each chapter is provided below.

CHAPTER 1 is an introductory chapter providing a brief background and motivation for the
initiation of the work conducted in this thesis. It highlights the issues and challenges
associated with assessing the seismic performance of RC buildings in Australia and the

objectives of this study.

CHAPTER 2 focuses on the seismic demand and characterisation of earthquake hazard. A
review of the seismicity of Australia is provided as well as the current challenges
associated with quantifying hazard levels. A critical review of existing approaches for
incorporating seismic site effects is also provided. This is followed by a detailed study
investigating the effects of various site conditions on seismic site response and the
proposal of a new systematic approach to be used to incorporate site effects when

developing response spectra in codes and standards.

CHAPTER 3 provides a brief history of Australian building design and construction. The

typical characteristics of the RC buildings to be assessed in this study are presented. This
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includes the detailing deficiencies of non-ductile RC walls and moment resisting frames
and the likely failure mechanisms of the various building components. The importance of
considering the response of both the primary and secondary structural systems is also
discussed. Furthermore, reasons are given for the choice of material properties that are to

be adopted for conducting assessments of the archetypal buildings.

CHAPTER 4 presents a critical review of the state-of-the-art nonlinear macro-finite element
modelling methods with a focus on the modelling of non-ductile RC components. The
review includes the macro-modelling of: beam-column joints, flexural response of
members, bar-slip, flexure-shear response of columns, and the planar and non-planar RC

walls.

CHAPTER 5 evaluates the suitability of the macro-finite element modelling methods
(discussed in Chapter 4) in the specific application considered here, that is, for simulating
the response of non-ductile RC moment resisting frame components and walls.
Comparisons are made between simulated and experimental results available in the
literature for non-ductile RC components to examine the validity of the various
approaches. Limitations of some of the state-of-the-art modelling approaches are
discussed in relation to their use in performing global analyses. The modelling methods
selected to create the 3-dimensional nonlinear models of the archetypal buildings are
determined based on the evaluation of their response using three key criteria: accuracy,

computational efficiency, and numerical stability and reliability.

CHAPTER 6 provides a review of the seismic fragility assessment framework. The selection
and justification for the various aspects of the assessment procedure adopted in this study
are discussed, including: the probabilistic seismic demand models, the performance levels,
and performance objectives. The advantages and disadvantages of various intensity
measures, as well as the different methods used to calculate the intensity measure for

developing fragility curves, are also provided.

CHAPTER 7 presents the results for the seismic fragility assessment of six archetypal
buildings. The importance of carefully selecting a suitable intensity measure is discussed
as it can significantly affect the interpretation of fragility curves and the conclusions
derived about the seismic performance of the buildings. Lastly, the seismic performance of
the buildings is evaluated by examining their response, as obtained from the fragility

assessment, with respect to the key performance objectives.

CHAPTER 8 summarises the key findings of this study and provides recommendations for

future work in this area of research.
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CHAPTER 2: CHARACTERISATION OF EARTHQUAKE HAZARD

2.1 INTRODUCTION

A critical part of assessing the seismic performance of a structure is determining the
expected level of shaking at the site. The seismic ground motions that occur at a site are
highly dependent on: (i) the source characteristics of the earthquake (including faulting
mechanisms and magnitude of energy released), (ii) the attenuation characteristics of the
path that the seismic waves travel from the source to the location of the site, and (iii) the
characteristics of the local ground conditions as the seismic waves propagate to the
surface (see Figure 2-1). The quantification of the first two characteristics defines the
seismicity of a region and the level of shaking expected on rock conditions. It is usually
determined by seismologists. The quantification of the third component; seismic site
effects, is a highly localised effect and requires expertise within the field of seismology,
geotechnical engineering, and structural engineering. For the purpose of assessment of
structures, the quantification of the level of shaking experienced by a structure on a site
may be determined via static analysis or modal dynamic analysis using response spectra
or via dynamic analysis using ground motion time histories; all of these require knowledge

of the ground motions experienced at the foundation level of the structure.

This chapter begins by providing an overview of the seismicity of Australia and the
existing models which aim to define the level of shaking on rock conditions. It is then
followed by a critical review of existing codified approaches for incorporating local site
effects to develop response spectra. Significant limitations of the existing methods are
highlighted, especially for regions of low-to-moderate seismicity. Thus a detailed study
investigating the effect of local site conditions on seismic site response is presented and a
new systematic method is proposed for obtaining response spectra. It is noted that this
study has been published in the Journal of Earthquake Engineering by Amirsardari et al.

(2017).
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Figure 2-1: Propagation path of seismic waves from source to building site

2.2 SEISMICITY OF AUSTRALIA

Australia is considered to be a low-to-moderate seismic country; however it is also one of
the most active intraplate regions in the world which is under compression due to the
Indo-Australian plate moving towards the Eurasian and Pacific plates (Goldsworthy,
2013). The most damaging and costly earthquake that Australia has experienced thus far
has been the magnitude 5.6, 1989 Newcastle (New South Wales) earthquake, causing a
total of 13 fatalities, 160 injuries requiring hospital treatment, and a total of loss of greater
than $1 billion which would be an equivalent of $2-3 billion if it were to recur today
(Walker, 2011). Larger magnitude earthquakes have also occurred in Australia but due to
their remote locations the damage caused by these earthquakes has not been as great as
that in the Newcastle earthquake. In fact, it has been observed that the average frequency
of magnitude 6 or greater earthquake over the last 110 years has been around 1 in 5 years
(Wilson & Lam, 2007). Australian earthquakes are typically shallow, and have a reverse
faulting mechanism with a high stress drop and have aftershocks which last for prolonged
periods. These characteristics are very similar to the 2011 Christchurch earthquake
(Brown & Gibson, 2004; Goldsworthy, 2013). While the characteristics of the Australian
earthquakes are well understood, the quantification of the level of hazard is very

debatable and prone to change due to the paucity of historical records.

The seismic hazard of the various regions in a country is typically displayed in the form of
a hazard map based on probabilistic seismic hazard assessment/analysis (PSHA). These
studies are usually conducted for rock ground conditions and from these studies
generalised response spectra, commonly in the form of uniform hazard spectra (UHS), are

produced for various return period events. The current Australian earthquake hazard map

| 10]



Chapter 2: Characterisation of earthquake hazard

in the Australian earthquake loading standard, AS 1170.4:2007 (Standards Australia,
2007) is based on the map produced by McCue and colleagues in 1993 which has been
developed from the work conducted by Gaull and colleagues in 1990 (Burbidge, 2012).
The hazard map shows 10 % probability of exceedance in 50 years of ground motions on
rock. This equates to a return period of 475 years which is commonly rounded to 500
years. Thus the hazard factor (Z) provided in AS 1170.4 (Standards Australia, 2007)
approximates the peak ground acceleration (PGA) on site class B for a 500 year return

period event. The current hazard map of Australia is provided in Figure 2-2.

Figure 2-2: Current hazard map in AS 1170.4:2007 (Burbidge, 2012)

In 2009 Geoscience Australia (GA) decided to update the hazard map by using the latest
available methods and data. Initial results were released in 2012 (Burbidge, 2012) and in
2013 (Leonard et al, 2013) and they are currently still being updated as part of the
National Seismic Hazard Assessment (NSHA) poject (Geoscience Australia, 2017). The
2013 hazard map for a return period of 500 years at zero period which is equivalent to
PGA is provided in Figure 2-3. Furthermore, in 2013 GA extended the study for longer
return periods as it was identified as being necessary by the Australian Earthquake

Engineering Society (AEES) and by various technical experts (Leonard et al., 2013).
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Figure 2-3: 2013 GA hazard map at zero period for return period of 500 years
(i.e. equivalent to PGA) (Leonard et al,, 2013)

Interestingly, the recent studies conducted by GA have resulted in a significant decrease in
hazard for a return period of 500 years as shown in Figure 2-4 and Figure 2-5. The hazard
in most capital cities is approximately three quarters of the current hazard levels specified
in AS 1170.4 (Leonard et al., 2013). Furthermore, as illustrated in Figure 2-5, the proposed
acceleration response spectra by GA for a 2500 year return period event is approximately
equal to the acceleration response spectra for a 500 year return period event in
AS 1170.4:2007. The lower hazard levels are believed to be due to higher attenuation
within the ground motion prediction equations (GMPEs) used in the recent studies and the
improved calibration of local magnitude scales (M) which have resulted in reduction of
some of the recorded magnitudes (Leonard et al., 2013). In contrast, the ratio of a 2500
year return period event normalised with respect to a 500 year return period event, which
is represented by the probability factor, k,, has increased relative to that in AS 1170.4:
2007. However this is expected since currently the k,, factor in AS 1170.4:2007 is based on
values that are appropriate for high seismic areas. For low-to-moderate seismic regions a
significantly higher level of energy is released relative to that released for low return

periods (Nordenson & Bell, 2000); this is illustrated in Figure 2-6.

[12]



Chapter 2: Characterisation of earthquake hazard

03 PR [T N TN AN SN NN TR NNNTUN S T | 03 PR [T AU [N T AN T T N
Lo Adelaide [ 1. Brisbane
Canberra i 1: Darwin
Melbourne i 1 Hobart
Sydney | i BRI Perth
02-i - o2 % L
5 G
<< <
w
0.1 R T -
0.0 ~———————————— 0.0 ~+————T——T——1—
00 04 08 12 16 20 24 28 00 04 08 12 16 20 24 28
Period (s) Period (s)

Figure 2-4: 500 year return period acceleration response spectra for the capital cities proposed

by GA (solid lines) and in AS 1170.4:2007 (dotted lines) (Leonard et al, 2013)
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Figure 2-5: 500 year (thick solid lines) and 2500 year (thin solid lines) return period acceleration
response spectra proposed by GA, and 500 return period acceleration response spectra in

AS 1170.4:2007 (dotted lines) (Leonard et al.,, 2013)
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The recent results published by GA have caused great controversy amongst seismologists
and earthquake engineer which have questioned some of the methods utilised in the
hazard study. For example McCue (2013) discusses the reduction in hazard for Tasmania
presented by GA to be due to the assessment only considering records post 1965 and
ignoring paleo-seismological records on the basis of incomplete samples. A potential
solution to the lack of agreement amongst experts about the seismicity of Australia for the
purpose of the design of new buildings is to provide a minimal threshold hazard level as
proposed by some AEES members. Currently the proposed threshold is 0.08 g for a 500
year return period event which represents the current hazard for some of the capital cities
of Australia, including Melbourne and Sydney. At present there is still no consensus about
the most appropriate hazard map and generalised response spectra for Australia, thus
making the task of assessing structures very challenging. For the purpose of assessment in
this study, the hazard values in AS 1170.4:2007 will be used as a guide to represent the
seismicity of Australia since it is the current well established model which is available. In
addition, it provides conservative approximations in comparison to the new models

proposed by GA.

2.3 SEISMIC SITE RESPONSE AND REVIEW OF EXISTING APPROACHES

Modification of the seismic shear waves takes place as they travel through the soil or rock
overlying the bedrock. Thus, local site conditions have a significant effect on the ground's
response to seismic excitation. However, there are significant limitations to the approach
adopted by many codes to classify sites and incorporate site effects to obtain the response
spectra corresponding to various site conditions. In particular, most of the adopted
methods are unable to represent the true ground response behaviour of soil sites since
site resonance effects are not fully incorporated due to the averaging process involved in
obtaining amplification factors and the lack of consideration of the depth of soil to
bedrock. Recent studies have highlighted that such methods are particularly unsuitable for
regions of low-to-moderate seismicity where buildings typically have low ductility and
hence are incapable of damping soil-structure resonance effects (Lam & Wilson, 2004;
Tsang et al., 2013). The following subsections describe codified and well established
methods that are currently used to define site classification systems and to incorporate

site effects when developing suitable response spectra for design.

2.3.1 Site classification system

Many site classification systems define sites based on qualitative descriptions and

quantitative measurements to represent the stiffness of the sites. The National Earthquake
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Hazards Reduction Program, NEHRP (Federal Emergency Management Agency, 2003), the
International Building Code (International Code Council, 2012) and the European Code,
EN 1998-1 (European Standard, 2004b), define sites according to the weighted average

shear wave velocity over a depth of 30 m (V34):

30 Eq.2-1

Vzo = ————~
s30 n (ﬁ)
=1 Vs

Where d; is the thickness of the soil layer i (within a
depth of 30 m from the ground surface)

vs;  is the shear wave velocity of layer i

The use of Vg3, to categorise sites is based on numerous empirical studies, initially
conducted by Borcherdt in 1993 (cited in Dobry et al., 2000) which showed a correlation
between amplification factors and sites defined according to Vi3y. In addition, such a
method is preferred in practice because it provides a simple and consistent manner to
categorise sites. However, studies have shown that the combination of both depth to
bedrock (d) and the weighted average shear wave velocity (1), which define the
fundamental natural site period (T), is required to accurately categorise sites (Pitilakis et
al,, 2013; Rodriguez-Marek et al., 1999; Rodriguez-Marek et al., 2001). This is because T,
which may be calculated by using Eq. 2-2, provides a better indication of the site’s
response to seismic excitation. Furthermore, recent studies focusing on site response of
shallow bedrock regions have also highlighted the limitation of V3, since the stiffness of
sites is over-predicted for sites with a depth to bedrock that is less than 30 m deep
(Anbazhagan et al,, 2013; Lee et al., 2012) and this may lead to an under-prediction of the
site response. Therefore, instead of Vg3 it is suggested that V; is calculated over a depth of
soil from the surface to the depth at which rock conditions (typically defined as having
shear wave velocities greater than 760 m/s) or a significant impedance contrast is

reached.

4%i21(d) Eq. 2-2
TS = T
S

Where Vs is the weighted average shear wave velocity
over the full depth of the profile until rock

conditions are reached and defined as:
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_ Ziza(dy)

()
=1 Vg

d; is the thickness of the soil layer i (over the
full depth of the profile until rock conditions

are reached)

The Australian and New Zealand earthquake loading standards, AS 1170.4:2007 and
NZS 1170.5:2004 incorporate T to define some of the non-rock classes. It should be noted,
however, thatin AS 1170.4:2007 and NZS 1170.5:2004 the site class B which refers to rock
site conditions, is based on V3, within the range of 360-1500 m/s. This range is much
greater than the other codes, which usually restrict the rock class to a minimum V3, of
760 m/s or 800 m/s to exclude weathered rock conditions which can, in fact, behave
significantly differently to competent rock (Rodriguez-Marek et al, 1999; Rodriguez-
Marek et al., 2001). Comparisons of site classification from various guidelines and

standards are provided in Table 2-1.

Table 2-1: Site classifications of various codes

Class & description AS1170.4 (2007) & NEHRP EN 1998-1
according to NZS 1170.5 (2004) (2003) (2004)
AS 1170.4 (2007)
A Hard rock V53o > 1500 V530 > 1500 V530 > 800
B Rock 360 < Vg3 <1500 760 < Vg30 <1500
C Shallow soil sites ~ Ts< 0.6 360 < V30 < 760 360 < V30 < 800
D Deep or soft soil Ts> 0.6 180 < Vg30 < 360 180 < V30 < 360
5 Very soft soil Vs10 £ 150 Vs30<180 Vs30<180
NA®  Shallow soft sites 180 < V520 < 360
NA®  Sites requiring Not provided Generally high plasticity clays, weak,
special evaluation vulnerable and liquefiable soils

*Category not available in AS 1170.4:2007

2.3.2 Incorporation of site effects

Based on the site classifications, response spectra for the various classes are usually
obtained by modifying the rock response spectra by the use of amplification factors. These
amplification factors are based on studies which obtain the response spectra of the
various classes by taking the average site response from various historical records or
alternatively from numerical analyses representative of a particular class. The

amplification factors are then calculated at specific periods corresponding to acceleration
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and velocity controlled regions, F, and F, respectively, as shown in Figure 2-7. This
approach was adopted by the study conducted by Crouse and McGuire (1996) which has
formed the basis of the International Building Code and AS 1170.4 (Wilson & Lam, 2007).

There are two key limitations to this approach. Firstly, the response spectrum obtained is
highly dependent on the range of site profiles considered in the analysis. Thus the spectra
proposed by these studies are highly dependent on the particular profiles or records
included in the database. Secondly, the averaging process utilised to obtain amplification
factors results in the loss of the true ground response behaviour; this is particularly
evident with respect to the maximum displacement response associated with resonance
effects. The response experienced at the surface of a site is due to modifications of the
seismic shear waves by the soil/rock overlying the bedrock which are strongly influenced
by the impedance contrast between the rock and soil layers and the thickness of the soil
layers (Lam et al, 2001). Studies conducted for low-to-moderate seismic regions have
highlighted that the maximum displacement response of soil sites is predominantly due to
resonance effects of the reflected wave components of the propogating seismic wave with
period similar to the period of the site during seismic excitation. Therefore, these studies
have suggested that the period at which maximum displacement response occurs, may be
approximated by the period of the site during an earthquake (Chandler et al., 2001; Lam et
al, 2001; Tsang et al., 2006a, 2006b). This period, at which resonance effects are observed,
is longer than the initial site period due to stiffness degradation experienced by the soil
during the earthquake, and therefore it referred to as the degraded (or final) site period in
this study. However, it is noted that, this phenomenon (i.e. maximum displacement
response occuring at approximately the site period) is mainly observed for low-to-
moderate levels of seismic excitation since the strains induced in the soil are minimal, and
therefore the softening of the initial site period is minimal during the excitation. For a
higher level of seismic excitation, the contribution of nonlinear effects of the soil becomes
more predominant and the final degraded period of the site may be significantly longer

than the period at which resonance effects take place during seismic excitation.

[17]



Chapter 2: Characterisation of earthquake hazard

(a)
Acc. Velocity i Displacement
controlled ;. controlled | controlled
— +
3
4
(b)
Acc. | Velocity Displacement
controlled!  controlled | controlled |
+ ’ + '
g ———————
a /
14

— — Soil
Rock

T T, Period

Figure 2-7: Response spectra showing acceleration, velocity, and displacement controlled regions:

(a) acceleration response spectra, (b) displacement response spectra

Based on the mechanisms discussed, it is clear that both V; and depth to bedrock are
important parameters contributing to seismic site response. Therefore, studies which
calculate the average response of a site, especially when sites have been categorised
according to Vg3q, are incapable of capturing the true site response since site resonance
effects are smeared. This problem associated with the averaging process is well known
and it is accepted in regions of high seismicity on the basis that site-structure resonance
effects can be suppressed by the damping of structures; however, this is not the case for
non-ductile buildings which are common in low-to-moderate seismic regions (Lam &
Wilson, 2004; Tsang et al., 2013). Therefore it is not appropriate for the response spectra
in codes to implicitly assume a certain level of energy dissipation capability of the building
in regions of low-to-moderate seismicity where limited consideration is given to seismic

resistant design.

The code approach to obtain the displacement response spectra (RSD) is to calculate it

2
from the acceleration response spectra (RSA) using the relationship; RSD = (%) RSA. A

critical parameter for defining the RSD is the second corner period (T,), shown in Figure
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2-7(b). The averaging process discussed previously has also resulted in a poor estimation
of T, (Lumantarna et al., 2012). For rock conditions, T, is currently based on the maximum
considered earthquake magnitude and has been determined as 1.5 seconds for Australia
based on extensive studies conducted by Lam et al. (2000a, 2000b). Interestingly, the use
of the same value of T, has also been extended to all other site classes in AS 1170.4:2007
and other codes such as EN 1998-1:2004, even though it is well recognised that there is a
significant difference between the seismic response of rock and soil sites. Instead of using
this simplified approach it would be preferable to define T, correctly for the various site
classes, as the accuracy of the resulting RSD is strongly influenced by this variable. It is
also noted that an improved idealisation of the RSD in the longer period range is preferred
to account for the significant reduction in response after the maximum displacement
response for some soil sites. The European code (European Standard, 2004b) accounts for
this behaviour in the Annex, by providing an alternative RSD for regions of high seismicity
in which the displacement gradually reduces to the peak ground displacement at a period

of ten seconds.

2.3.3 Effect of ground stiffness on acceleration response spectra

The stiffness of the ground above the bedrock has the greatest influence on the seismic
response of sites. It is generally accepted that the acceleration response of sites increases
as the site becomes softer, which is consistent with wave theories on impedance
discontinuity. This is illustrated in Figure 2-8, where the spectral ordinates provided in
AS 1170.4:2007 are plotted for the various site classes. Conversely, some studies (Dhakal
et al, 2013; Seed et al,, 1976) have shown that in the acceleration controlled region, the
acceleration response of stiffer sites is higher in comparison to softer sites. This
observation is in agreement with basic structural dynamic theory, that is, stiffer systems
experience higher acceleration response (Dhakal et al., 2013). This is illustrated by the
response spectra of three different site conditions from the 2011 Christchurch earthquake,
recorded at stations LPCC, LPOC and HVSC which are all within approximately 1 km from
each other, shown in Figure 2-9. For periods greater than approximately 1.3 seconds, it is
observed that for the soft site the response is greater than the other two stiffer sites (V3
of 650 m/s and 422 m/s). However, for the lower period range (i.e. periods less than 1.3

seconds), the response of the stiffer sites is significantly greater than for the soft sites.
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Figure 2-9: Three recordings of the 2011 Christchurch earthquake from stations located at close

proximity to each other

2.3.4 Effect of bedrock motion intensity

Higher intensity ground motions induce lower amplification of seismic waves relative to
that induced by lower intensity motions since, in the case of higher intensities, the site
experiences greater nonlinear behaviour due to high levels of strain degradation. Hence
the rock/soil overlying the bedrock has a lower ability to transfer the higher intensity
seismic waves to the surface. The effects of bedrock motion intensity have been
incorporated in some codes and guidelines including NEHRP. However, some codes,
including AS 1170.4:2007 do not currently account for these effects. The incorporation of
lower amplification factors for higher intensities is becoming more important with the
introduction of performance objectives in the design of buildings which require collapse

prevention under higher return period events.
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2.4 SEISMIC SITE RESPONSE ANALYSIS LEADING TO REVISED DESIGN RESPONSE

SPECTRA FOR AUSTRALIA

Section 2.3 identified key limitations of current approaches used to incorporate site effects
when developing response spectra which are used for design and assessment of buildings.
Therefore a detailed study has been undertaken to explore the effects of local site
conditions on seismic site response. In particular, the study examines the validity of the
approach adopted in AS 1170.4:2007. This is achieved by conducting an extensive
numerical analysis to examine the effects of weighted average site shear wave velocity
(V%), depth to bedrock (d), and intensity of earthquakes on the site response for rock, sand
and clay sites. The primary focus of this study is improving the method used to obtain the
displacement response spectra since an accurate representation of this is needed in the
displacement-based seismic design and assessment of buildings. Thus the key contribution
from this study is the proposal for a new systematic method to obtain the RSD for various
site classes (for 5 % damping) directly from a hard rock response spectrum. This spectrum
is assumed to be known and would ideally be produced using probabilistic seismic hazard
analysis (PSHA) studies. The principle behind the approach used to find the RSD is similar
to that used in the theoretical models proposed by Lam et al. (2001) and Tsang et al.
(20064, 2006D). It is based on the correlations that exist between initial site properties of
individual rock/soil profiles and site response parameters. These site response
parameters include: (i) amplification factors, defined as the ratio between the response
spectrum at the ground surface and at the outcrop rock, and (ii) the degraded fundamental
natural site period, which is the period of the site after seismic excitation. A method is also
suggested for obtaining the acceleration response spectra for the various site classes and
this is calculated from the proposed RSD. Furthermore, modifications to the site

classification systems incorporated in AS 1170.4:2007 are recommended.

It is emphasised that the proposed method is developed in such a way as to be suitable for
standards and codes and hence it provides response spectra that are characteristic of a
general class of site conditions. Therefore, the method presented is not intended to replace
site specific studies where the site response is obtained via 1-, 2-, and 3-dimensional
equivalent linear or nonlinear analyses. These studies are typically conducted for larger
scale projects for which detailed ground conditions are known. For smaller scale projects,
especially in regions of low-to-moderate seismicity, site investigations are often limited in
scope and the shear wave velocity of the rock/soil, which is a critical parameter required
to categorise sites, is estimated simply from empirical correlations with other ground

investigation parameters such as Standard Penetration Test (SPT) N-values. There will
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usually be considerable inaccuracy in these estimates. Therefore, it is important for the
response spectra in standards and codes to account for uncertainties associated with
determining site properties, as well as the inherent variability of soils and rocks, by
providing response spectra which are representative of a class of site conditions and

providing the maximum response over a range of possible sites within that class.

2.4.1 Methodology and numerical analysis procedure

Numerical analyses of various site conditions have been conducted to obtain a better
understanding of the effect of the weighted average site shear wave velocity, depth of
rock/soil to bedrock, soil type and intensity of earthquake. Equivalent-linear programs are
commonly used for seismic site response analysis especially when it is expected that the
site will experience relatively small strain levels, which is commonly the case for low-to-
moderate seismic regions. Papaspiliou et al. (2012) suggest that the difference between
equivalent-linear and nonlinear programs is minimal for clay sites with strain limits less
than 1 %, and 0.5 % for sandy sites. Since almost all of the sites for this study experienced
strains less than these values, the analysis has been conducted with the well-established
equivalent-linear, one-dimensional site-specific response program, SHAKE2000 (Ordonez,

2014).

The following subsections describe the three key steps involved in the numerical analysis;
that is, the selection of input ground motions, the selection of site properties, and the

analysis of site response.

24.1.1 Selection of input ground motions

Ground motions were selected such that their median response spectra match the RSA and
RSD corresponding to Class A in AS 1170.4:2007 for k,,Z factors of 0.1 g and 0.3 g. The k,Z
factors in AS 1170.4:2007 have been established for Class B rock conditions and
correspond to the peak ground acceleration (PGA), where k), is the probability factor for
the annual probability of exceedance for the limit state under consideration, and Z is the
hazard earthquake factor which is equivalent to the PGA on a Class B site for a 500 year
return period (YRP) event. Since the Class A spectra is lower than the Class B by a factor of
0.81in AS 1170.4:2007, the PGAs of 0.1 g and 0.3 g for Class B correspond to PGAs of 0.08 g
and 0.24 g respectively for Class A hard rock conditions. The k,Z factors of 0.1 g and 0.3 g
approximately correspond to 500 and 2500 YRP events, respectively for most of the major
cities of Australia. This covers the range of return periods for which buildings must be
designed in accordance with the current National Construction Code (NCC) (Australian

Building Code Board, 2016). It is noted that a k,, value of 3 instead of 1.8 as suggested in
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AS 1170.4:2007 was selected to represent the probability factor for a 2500 year return
period event. This is because, as discussed Section 2.2, it is believed that the current kp
values in AS 1170.4:2007 underestimate the increase in the level of shaking between low
and high return period events. While there are no stringent rules, ground motions have
been selected following Kramer (1996) using (i) historical records which are
representative of earthquakes within the region of interest, supplemented by (ii)
generated or artificial earthquakes, since sufficient suitable historical records are not

available.

Historical records have been obtained from the Pacific Earthquake Engineering Research
Center (PEER, 2014) and the Internet Site for European Strong-Motion Database (ISESD,
2014), as they contain high quality processed ground motions. Accelerograms on rock
were selected based on characteristics typical of Australian earthquakes: shallow
earthquakes with reverse fault mechanisms (Brown & Gibson, 2004), and realistic
magnitude and distance (M-R) combinations based on the attenuation models from Gaull

et al. (1990) and Lam et al. (2000a).

Furthermore, to avoid problems associated with simple amplitude scaling, stochastically
generated earthquakes were obtained using the program GENQKE (Lam, 1999) which is
capable of producing ground motions that are representative of Australian earthquakes.
This was to ensure that sufficient records can be used in order to obtain statistical
stability. In total, 45 and 42 horizontal ground motions were obtained for k,Z factors of
0.1 g and 0.3 g, respectively. Approximately 40 % of these records were historical and the
remaining were generated ground motions. Details of the selected historical and

stochastically generated earthquakes are provided in Appendix A.

Figure 2-10 and Figure 2-11 show the RSA and RSD of the selected ground motions and
their median compared with the target spectra for k,Z factors of 0.1 g and 0.3 g,

respectively. It is noted that the RSA and RSD provided in AS 1170.4:2007 and the
generated ground motions are valid up to a period of five seconds, therefore the results in

this study are presented for natural periods of up to five seconds.
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Figure 2-10: Input ground motions and target spectra for kyZ factor of 0.1 g: (a) RSA, (b) RSD
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Figure 2-11: Input ground motions and target spectra for kyZ factor of 0.3 g: (a) RSA, (b) RSD
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2.4.1.2 Selection of site properties

The most important site properties in seismic site response analysis are the shear wave
velocity profiles of the soil layers down to the bedrock, the shear wave velocity of the
bedrock and the nonlinear properties including shear modulus reduction and damping
curves which are defined according to the selected type of rock and soil. The selection of

these properties is discussed in the following subsections.

2.4.1.2.1 Shear wave velocity profiles and depth to bedrock

The relationship between the shear wave velocity and depth is highly variable as
illustrated in Figure 2-12 which shows the rock/soil profiles of 50 sites across Australia.
These profiles were obtained by Kayen et al. (2015) using spectral analysis of surface
waves methods, however, it is noted that such methods are not conducted in regular site
investigations in Australia to determine the site conditions for the construction of
structures. Instead, the shear wave velocity profile of sites is based on other ground
investigation parameters such as SPT N-values. Since the aim of this study was to establish
a systematic approach to obtain the response spectra for a range of site conditions
possible within a site category, the analysis has been conducted for rock and soil profiles
which have weighted average shear wave velocities and site periods ranging from the
minimum and maximum possible values allowed within each category, for depths to
bedrock of 30 to 150 m. The combination of V; and depth to bedrock of the profiles
considered are selected such that their site period values are within those calculated from
the 50 Australian shear wave velocity profiles provided in Figure 2-12. This ensures that
the sites considered are representative of real sites. It is noted that some studies have
highlighted that the seismic site response can vary depending on the variability of the
shear wave velocity of the different layers within a profile (Lam & Wilson, 2004). However
other studies have stated that the difference in response between a site in which the
properties of the given layers have been considered explicitly and that in which the same
site has been modelled with a weighted average shear wave velocity over the depth to
bedrock is insignificant (Dhakal et al., 2013). The effect of layering of soil deposits on
seismic response varies from one case to another, and consideration of the many possible
combinations of soil layering is beyond the scope of this study. Nevertheless, analysis of
existing shear wave velocity profiles with varying shear wave velocity are also presented
in the results (Section 2.4.4.4) to illustrate that the proposed response spectra are capable
of capturing the response of sites with realistic shear wave velocity profiles. It is also
noted that the effect of layering of a site may be particularly important for sites which

have very low shear wave velocity at shallow depths and abrupt transitions to much
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higher shear wave velocities; these sites are typically classified as Class E in

AS 1170.4:2007 which is not examined in this study.
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Figure 2-12: Shear wave velocity profiles of 50 sites around Australia from Kayen et al. (2015)

The appropriate selection of the shear wave velocity of the bedrock is also important and
challenging since it varies from site to site and with depth. Sensitivity studies investigating
the effect of bedrock shear wave velocity on amplification factors have shown that the
amplification factors can increase between 20-30 % when the bedrock shear wave
velocities are increased from 1000 m/s to 3000 m/s (Lam et al., 2001; Venkatesan et al,,
2006). Various bedrock shear wave velocities have been reported in the literature for
Australia, ranging from 900 m/s to approximately 3500 m/s (Kayen et al, 2015;
McPherson & Hall, 2013). Based on the shear wave velocity profiles provided by Kayen et
al. (2015) (shown in Figure 2-12) it can be seen that the higher bedrock shear wave
velocities are achieved with a gradual increase in shear wave velocity of the rock. Since
this is not explicitly modelled in the analysis conducted it would be over-conservative to
adopt very high bedrock shear wave velocities because there would be an unrealistic
change in the impedance between the bedrock and soil/rock profile. In addition, for this
study it was desired to normalise the amplification factors with respect to Class A (hard

rock) in order to obtain the amplification factors between Class A and Class B (discussed
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in Section 2.4.1.3), therefore it was necessary to adopt a bedrock shear wave velocity
greater than 1500 m/s. Thus, based on these factors the bedrock shear wave velocity of

1800 m/s was selected to be suitable for this study.

2.4.1.2.2 Soil type - nonlinear properties
Currently standards and codes do not explicitly distinguish the response between sand
(cohesionless soils) and clay (cohesive soils) sites, even though their seismic response is
significantly different (Papaspiliou et al., 2012). The difference in response of various
types of soils is predominantly due to their nonlinear properties such as shear modulus
reduction and damping curves, which are dependent on the plasticity index (PI) (Dobry et
al,, 2000; Tsang et al.,, 2006a, 2006b). Soils with higher PI display higher amplification of
seismic waves because they exhibit less nonlinear behaviour with lower shear modulus
degradation and lower damping at high strain levels. The analysis for this study has been
conducted for rock, sand and clay sites. The following rock and soil models were selected
in SHAKE2000 (Ordonez, 2014):

e Rock: Schnabel 1973

e Sand: average, Seed and Idriss 1970

e (lay: PI=30, OCR1-15, Vucetic and Dobry 1991
It is noted that a plasticity index of 30 % that was selected to represent clay sites is
typically considered as moderate to high. The high plasticity was selected to provide
response that is conservative for most clay sites. Sand sites were also analysed to obtain

results for sites with zero plasticity.

24.1.3 Analysis of site response

In total more than 50 rock/soil profiles were analysed for each of the two earthquake
intensities considered; k,Z factors of 0.1 g and 0.3 g. The surface acceleration and
displacement response spectra for each individual rock or soil profile were obtained by
calculating the median of the responses obtained from SHAKE2000 (Ordonez, 2014). It is
noted that the geometric mean of each pair of historical responses was calculated first
before the median was calculated. In addition, the amplification spectra were calculated
for each rock or soil profile as they provide important insights about the effects of various
ground conditions and this process minimises the effect of input ground motion
variability. The amplification spectra were calculated by dividing the acceleration
response spectra for each individual record by the acceleration response spectra for the
outcrop bedrock motion corresponding to that record at each period. The median
amplification spectra for each rock/soil profile were then calculated in a similar manner to

the RSA and RSD. It is highlighted that in this study amplification spectra and therefore
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amplification factors have been calculated relative to Class A response spectra rather than

Class B.

2.4.2 Results: observed correlations and trends

In order to establish a systematic method to obtain the response spectra for the various
site conditions, it is important to first identify the correlations that exist between initial
site properties and site response parameters. The following section presents the key

correlations and trends which were observed.

24.21 Site amplification factor

The strongest correlation which exists between amplification factors and site properties is
between the magnitude of the maximum amplification factor of a site, referred to as site
amplification factor (Fs;;.) and the site’s average shear wave velocity. Furthermore, as
expected, the period at which Fg;, occurs is associated with the site period and it
approximately corresponds to the degraded site (or final) period (Tsf) which accounts for
the stiffness degradation experienced by the site during seismic excitation. This signifies
the importance of considering both the average shear wave velocity and the depth of
rock/soil to bedrock when evaluating the seismic response for different site conditions.
While the magnitude of Fg;¢, can be similar for sites with the same V; with various depths
to bedrock, the actual response, such as the displacement response, can vary significantly.
This is illustrated in Figure 2-13 where the amplification and displacement response
spectra are provided for three sites with different depths to bedrock but with the same V;
of 360 m/s. It is observed that the value of the Fg;;, factor obtained for all three sites is
similar, however, the maximum displacement response of the sites varies significantly.
This is because the rock response is significantly higher at longer periods, consequently
resulting, for the same amplification factor, in a higher displacement response for a deeper

site (which has a longer site period).

In Figure 2-14 the Fy;, factor is plotted against V; for the various site conditions. It is
noted that since the results for soft/weathered rock with V; less than 760 m/s were
similar to clay sites, the response parameters for rock sites with V; between 360 m/s and
760 m/s are plotted with the clay site response parameters. As expected, it is shown that
the amplification factors are generally lower for higher intensity ground motions. The
difference in response is more apparent at sites with lower V; as their response is
governed more strongly by nonlinear behaviour. More interestingly, it is observed that
there is also a significant difference between sand and clay sites. This illustrates the

dependency of seismic site response on the level of shear modulus degradation and
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damping and hence the importance of considering the soil type when evaluating the

response of various site conditions.
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Figure 2-13: Response spectra of three soil profiles with constant shear wave velocity of 360 m/s

with varying depths: (a) amplification spectra, (b) displacement response spectra
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Figure 2-14: Site amplification factors versus average shear wave velocity for various site

conditions
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2.4.2.2 Ratio of final to initial site period and V;

[t is also observed that there is a correlation between the ratio of the degraded site period
to initial site period (Ts/Ts;) and the weighted average shear wave velocity of the site, as
illustrated in Figure 2-15. As the intensity of the earthquake increases, the Tf/Tg;
increases since the site experiences greater shear strain and hence greater degradation
(softening). Furthermore, the results show that, in general, sand sites experience higher
degradation than rock and clay sites since it is observed that the Ts/Ty; is significantly

larger for sand sites.
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Figure 2-15: Ts/Tsi versus average shear wave velocity for various site conditions

Based on the correlations observed in Figure 2-14 and Figure 2-15 it is possible to

estimate the maximum displacement response (RSDmax) of soft rock/soil sites:

RSDpax = RSDyock at Tsf X Fiite Eq. 2-3

Where RSDy0x is the maximum site displacement

response

RSDrockatty, s the rock displacement response at

the site's degraded period (Tsf)

Eq. 2-3 is commonly used by theoretical models to create a bi-linear RSD for soil and soft

rock sites, as illustrated in Figure 2-16.
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Figure 2-16: Typical rock and soil RSD

2.4.2.3 Acceleration response of various site conditions

The correlations discussed thus far provide a systematic method to obtain the RSD for the
various site conditions. In order to be able to calculate a representative RSA from the RSD
it is necessary to understand the behaviour of the various sites in the acceleration
controlled region. The first corner period (7;), which defines the period at which the
acceleration response starts to decrease, is a critical parameter used to define the RSA. T;
is particularly important when the RSA is derived from the RSD as it directly controls the
magnitude of the maximum acceleration response (RSA,.«)- It is not possible to establish
a direct correlation between T; and site properties, since T; is also related to the input
ground motions. As discussed by Chandler et al. (2001), the period at which the maximum
acceleration response occurs is influenced by the dominant period of the bedrock motion.
Therefore, in this study T; will be based on the observed acceleration response to the

considered ground motions.

To illustrate the trend in behaviour for various site conditions, amplification factors in the
acceleration controlled region (F;) have been calculated at the period at which RSA,,,x of
the site occurs for the k,Z factor of 0.1 g (shown in Figure 2-17). In Figure 2-17(a) it is
evident that when the sites are categorised according to the fundamental initial site
period, stiffer sites (low Ty;) tend to experience higher acceleration response in
comparison to softer sites (high Ty;). However, when F, is plotted against the average
shear wave velocity, as shown in Figure 2-17(b), the trend in the behaviour of the sites is
less conclusive and highly dependent on the depth to bedrock. This highlights the
importance of the method used to categorise sites, in particular the effect of ground

stiffness on seismic site response.
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Figure 2-17: Amplification factors within the acceleration controlled region for rock and clay
sites for kyZ factor of 0.1 g: (a) sites categorised according to Ts;, (b) sites categorised

according to Vs

2.4.3 Comparison between numerical analyses and historical records

This section provides a comparison between the correlations and trends observed from
the numerical analyses with those from historical records. In order to accurately
determine site effects observed from past earthquake events it is necessary to obtain
records at the surface of the ground and at the bedrock level. However, the availability
(and quality) of such records are limited, therefore for this study historical records on
competent rock and soil (and softer rock) sites at close proximity to each other for a single
event have been selected. The selection process involved carefully examining the records
to ensure other factors influencing the observed response were minimal. This included
selecting soil (and soft rock) records which were within 500 m of the competent rock
record and positioned on the same side of the fault. In addition, records were selected
with competent rock records with PGAs up to 0.2 g such that the results are comparable
with those obtained from the numerical analysis for k,Z factor of 0.1 g. In total, 14 soil

(and soft rock) records were obtained from the PEER (2014) database.
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The estimated Fj;;, of the historical records (obtained from the amplification spectra), the
line of best fit obtained from this study (for both rock and clay, and for sand), and the line
of best fit obtained from the theoretical model developed by Tsang et al. (2006b) for a k,Z
factor of 0.1 g are plotted in Figure 2-18. It can be seen that majority of the historical Fg;,
values are lower than the average response obtained from this study. This is expected
since in this study the amplification factors are normalised with respect to Class A hard
rock conditions (with I greater than 1500 m/s), whereas the historical records have been
normalised with respect to rock conditions with average shear wave velocities varying
from 790 to 1430 m/s, therefore resulting in lower amplifications. Furthermore, it can be
seen that a good match is obtained between this study and the theoretical model by Tsang

et al. (2006b) for clay and rock sites.

———This study - Rock & clay Pl 30

= = = This study - Sand
5 — ~—| — —Tsang et al. (2006) Rock & clay PI 30
Historical records

Fsite

0 200 400 600 800
Shear wave velocity (m/s)
Figure 2-18: Site amplification factors obtained from this study, historical records and,

Tsang et al. (2006b) theoretical model

In the numerical analyses presented in Section 2.4.2.3 it was observed that stiffer soil sites
generally experienced a higher acceleration response in the short period range in
comparison to softer sites (Figure 2-17(a)). This trend is also observed with the historical
data (Figure 2-19(a)). In Figure 2-19(a) the F, values are plotted against the degraded site
period (Tsf) as opposed to the initial site period (T§;). This is because for the historical
records it is only possible to approximate the degraded site period from the amplification
spectra since insufficient information is provided about the depth to bedrock, and hence it
is not possible to determine the initial site period. Nevertheless, it is generally shown that
when sites are categorised according to the degraded site period, higher amplification

factors occur for stiffer sites (sites with lower T¢). However, when F, is plotted against

the average shear wave velocity of the site, the trend in behaviour of the various site
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conditions is less conclusive. It is also noted that F, for the numerical analyses and
historical records are significantly higher than those suggested in AS 1170.4:2007
(normalised with respect to Class A) for the various classes. This is mainly due to the fact
that the F, plotted for this study and the historical records are representative of the
amplification which occurs at RSA 4 of the site, rather than the average amplification at a
specific period in the acceleration controlled region. This also illustrates the limitation of
the averaging procedure that is currently used to obtain the site spectra, as it may

significantly under-estimate a response based on the range of profiles considered in the

analysis.
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Figure 2-19: Amplification factors within the acceleration controlled region obtained from
numerical analyses, historical records, and AS 1170.4: (a) sites categorised according to Ts; (b)

sites categorised according to Vs
2.4.4 Proposed model

2441 Site classification system
Based on the observed behaviour of the various site conditions, amendments to the

current site classification system in AS 1170.4:2007 are recommended as shown in Table
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2-2. As it has been demonstrated, the site response of various site conditions is highly
dependent on the average shear wave velocity of sites and depth to bedrock or when a
significant impedance contrast is reached (especially for the displacement response),
therefore the suggested classification system has a greater emphasis on the use of initial
site period to categorise sites. The Class B rock condition is restricted to a minimum
weighted average shear wave velocity of 760 m/s, since it was observed that
soft/weathered rock behaved in a similar manner to the stiff clay condition and, as such,
they are grouped together in Class C. It is noted that both Class A and B are classified
according to I, rather than Ty, since it was observed that the effect of depth to bedrock is
not very significant for rock sites with I greater than 760 m/s. Furthermore, Class C is
restricted to a maximum site period of 0.6 seconds, similar to the classification system
currently in AS 1170.4:2007. Class D is also restricted to a maximum site period of 1.6
seconds. This is because sites with site periods greater than 1.6 seconds correspond to
very deep sites which may experience significant degradation and nonlinear effects and
thus require a higher level of analysis to determine their response. Class E was not
investigated in this study, however, it is suggested that it should be classified as sites
requiring special evaluation since very soft and deep sites should be examined on a case
by case basis. In addition, sites with very high plasticity, defined as a PI of 40 % or greater
as recommended in EN 1998-1:2004 require special consideration and therefore they are
also included in the definition of Class E sites. This is because high plasticity soils can
experience significantly higher acceleration and displacement response. Furthermore, it is
recommended that the type of soil should also be considered when determining the

response spectra (especially for softer soils) as discussed in Section 2.4.4.2

Table 2-2: Recommended site classification

Site Description Suggested site classification AS 1170.4:2007 site
Class classification
A Hard rock Vs> 1500 m/s Vs30> 1500 m/s
B Rock 760 m/s <Vs< 1500 m/s 360 m/s < Vg0< 1500 m/s
C Stiff shallow sites Ts<0.6s Ts<0.6s
D Soft shallow sitesor 0.6s<Ts<1.65s Ts>0.65s

stiff deep sites
E Very soft and deep Ts>1.6s Vs10 £ 150 m/s

sites requiring Or Vs0<150m/s

special evaluation Or high plasticity soils;

Pl > 40 %
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2.4.4.2 Incorporation of site effects

Based on the observed correlations a systematic method is proposed to obtain the
response spectra corresponding to the various site conditions. It differs from the approach
typically adopted by the codes in that it does not use an averaging process to define the
response of a particular class; instead, it is based on correlations that were observed for
individual rock/soil profiles. The proposed method incorporates both the average shear
wave velocity and depth to bedrock (which defines T;) in the construction of the response
spectra. Furthermore, it is conservatively recommended that the general design spectra
for each site class should accommodate the worst case scenario which occurs within that
class. Therefore corner periods and F;;, have been defined such that the envelope of the

median responses of the displacement response within each site class is obtained.

The graphical representation of the key parameters for the RSD is shown in Figure 2-20.
The proposed model requires a hard rock displacement response spectrum which may be

obtained from PSHA studies.

The critical parameters and the method required to construct the RSA and RSD are
described in the next subsections. The suggested values for the parameters are provided
in Table 2-3 and Table 2-4, which are in accordance with the site classification system
suggested in Table 2-2. Two sets of Fg;, factors are recommended for k,Z factor that is
less than 0.3 g and kyZ factor that is greater than or equal to 0.3 g. This is because it was
clearly observed that the amplification factors varied according to the level of the ground
motion intensity. The amplification factors are higher for lower intensity levels, and
therefore the Fg;, factors from the analysis with intensity of k,Z factor of 0.1 g are
conservatively adopted for intensity levels of k,Z factors less than 0.3 g. For intensities
greater than or equal to k,Z of 0.3 g, the F;;, factors from k,Z factor of 0.3 g are adopted.
Further reduction in amplification factors would be possible at higher intensities but these
were not investigated in this study. For the softer site classes, different response
parameters are suggested for the clay (including soft rock) and sand sites, since it was

observed that the difference in response is highly dependent on the plasticity of the soils.

24421 First corner period, T,
As discussed previously in Section 2.4.2.3 the definition of T; cannot be directly
determined from correlations between site properties and site response parameters.

Therefore T; values have been selected based on the observed RSA for each site class.
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2.4.4.2.2 Second corner period, Tygmpi and Tspec

Two definitions of second corner period have been introduced to ensure that the RSD

obtained is representative of all site conditions within a class:

TZampl (TZamplification):
The period at which the hard rock displacement response is amplified by Fj;;, to calculate
the magnitude of RSD,,,x. The suggested value is determined from the longest degraded

site period possible for a particular class based on the correlation between T /Ty; and Vg

(shown in Figure 2-15).

T2spec (TZSpectra):
The second corner period used to construct the response spectra, it represents the period
at which RSD,, ., initiates. The suggested value is based on the period at which the stiffest

ground condition within each class experiences maximum displacement response.

2.4.4.2.3 Longer period limits, T; and T, - only for Class C and Class D
For an improved idealisation of RSD for Classes C and D two more period limits are

conservatively defined based on observed RSD for each class:

T3:

The period for which the maximum displacement response ends.
T3 = 1.5 X Togmpi Eq. 2-4

T4_:

The period for which a constant value of RSD is reached in the long period range.

T4_ = 2.5 X TZampl Eq. 2'5

2.4.4.2.4 Site amplification factor, Fgite
The Fg;¢, factor within each class is selected based on the observed correlation in Figure

2-14 in order to obtain the maximum displacement response within a site class.

24425 Amplification factor at 5 seconds, Fy, - only for Class C and Class D
Amplification factors at five seconds are suggested to account for the significant reduction

in displacement response observed for Classes C and D.

2.4.4.2.6 Formulae required to construct RSA and RSD

The formulae required to obtain the RSA and RSD are provided below.
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Displacement response spectra for Class B:

RSDmax = RSDhard rock at Tz2ampl X Fsite fOT‘: T= TZSpec
T? for:0<T<T
RSD = RSD, gy X | =——
Zspech
RSD:%XT for:T1<T<T25pec
7'Zspec

Displacement response spectra for Classes C and D:

Eq. 2-7and Eq. 2-8 appliesfor 0 < T < T; and Ty < T < Tygpec

RSDmax = RSDhard rock at T2ampl X Fsite for: Tyspec =T < T3
RSD — (FE X RSDyard rock at ssec — RSDmax) for:T;<T<T,
T4 - T3

X (T —T3) + RSDyqx

RSD = Fg X RSDpard rock at 5sec for:T >T,

Acceleration response spectra (for all classes):

2 for:0<T <5

2n
RSA = RSD x (T)

Note:
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Figure 2-20: Graphical representation of proposed method for obtaining RSD: (a) Model 1 for

Class B (b) Model 2 for Classes C and D

Table 2-3: Suggested amplification factors and corner periods for k,Z < 0.3 g

Class B Class C ClassD
Rock, clay & sand Rock & clay Sand

Corner periods

Ty 0.5 0.5 0.7 0.7
Taspec 0.6 0.6 0.8 1.0
T2ampl 0.8 0.8 1.8 2.0
Amplification factors

Fiite 2.3 3.4 3.6 2.6
Fg - 1.4 1.8 1.8
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Table 2-4: Suggested amplification factors and corner periods for k,Z > 0.3 g

Class B Class C ClassD
Rock & clay Sand Rock & clay Sand

Corner periods
T, 0.5 0.5 0.5 0.7 0.8
Taspec 0.7 0.7 0.7 0.9 1.2
Taampi 0.9 0.9 0.9 1.9 3.2
Amplification factors
Fiite 2.2 3.3 2.4 3.3 2.2
Fg - 1.2 1.2 1.7 1.7
2.4.4.3 Response spectra obtained using proposed model

Figure 2-21 and Figure 2-22 show the RSA and RSD spectra obtained using the proposed
method for kpZ factors of 0.1 g and 0.3 g respectively. The results are compared with the
current response spectra in AS 1170.4:2007 and the envelope of the median responses of
the site conditions obtained from the numerical analyses within each class. It is observed
that the proposed acceleration response in the short period region is significantly higher
than the current acceleration response suggested in AS 1170.4:2007. This is due to the fact
that the proposed spectra are based on the envelope of median site response within a class
rather than the average response. It is also noted that the significantly higher
amplifications within the acceleration controlled region were also observed with historical
records as illustrated in Figure 2-19(a). In addition, it is evident that there is a significant
difference in site response between cohesive and cohesionless soils, which again would be
masked in studies which simply take the average site responses categorised according to
Vs30- The difference in response due to soil type is greater for softer soil sites as the

nonlinear property of the site becomes more significant in this case.

Significant improvement of the RSD in the short period range is observed with the
proposed model since it is capable of capturing the high displacement response in the
short period range. This improvement is due to the consideration of the relationship
between the site period and the second corner period for each site class, since maximum
displacement response occurs approximately at the degraded site period for a low-to-
moderate level of seismic excitation. Furthermore, it is observed that the proposed spectra
over-estimate the displacement response in the long period range. This is, however, a
significant improvement when compared with the RSD currently obtained using

AS 1170.4:2007. Conservative parameters have currently been suggested for the long

|40 ]



Chapter 2: Characterisation of earthquake hazard

period range due to: (i) uncertainty in the displacement response at long periods, and (ii)
uncertainty in determining the effective fundamental period of structures from which the
displacement demand imposed on the structure is approximated. It is recommended that
to further improve the representation of the displacement response spectra in the long

period range (and thus reduce inherent conservatism) further research is required.

0.6 Class B 0 1 Class B
05 ST [ 40 S g g e
04 [ud /
_ \ _ 30 f LA
o5 £
I \ | | /
< J— £
g \ AS1170.4 = 2 4
02 NN Rock envelope 2 J ——AS1170.4
0.1 ] | — —Proposed spectra 10 + Rock envelope
\M—L J / — — Proposed spectra
0 0
0 1 2 3 4 5
0 * 2 period (s) 4 ® Period (s)
1 Class C 0 7777 7 ClassC
03 [ 60
0.8
[ i TN
07 A 50 ; <
Lzt A\
06 T T { / I B R
® 05 4 T E I
= = 30 0 / B
< 04 \ - a i
g [ \ ——AS1170.4 2 /
03 ;_\ Sand envelope 20 / ——A51170.4
02 ’. < ‘ Rock & clay envelope | Sand envelope
01 \1\ — — Proposed spectra 10 1 Rock & clay envelope
o — \ o — — Proposed spectra
0 1 2 3 4 5 0 1 2 3 4 5
Period (s) Period (s)
07 7 Class D T TEELE Class D
I s
06 70 4 / = n
0s T 60 / =
L e Y s N A S ST B S P R P S R o~
\ 50 ] 17/ I i e 2 P
4 7
- 04 Ry ——AS 11704 = a0 ! K/
= 03 17X Sand envelope E /
g SIN Rock & clay envelope s 30 f ——AS1170.4
0.2 i N - = =Sand proposed spectra 2 3 /,‘,, Sand envelope
o1 ! N — — Rock & clay proposed spectra o Y/ SROCZ & clay er;velope
. S gf | == =5and proposed spectra
0 R —— ‘ ‘ ° — —Rock & clay proposed spectra
0 1 2 . 3 4 5 1 2 N 4
Period (s) 0 Period (s) 3 3

Figure 2-21: RSA and RSD of proposed method, envelope results from numerical analysis, and

AS 1170.4 spectra for k,Z factor of 0.1 g

|41]



Chapter 2: Characterisation of earthquake hazard

16 Class B 140 , Class B ‘

Rock & clay envelope
= = = Sand proposed spectra
— — Rock & clay proposed spectra

——AS1170.4

Sand envelope

Rock & clay envelope
- - - Sand proposed spectra

I E
« E
v
e [=]
——AS1170.4 g
Rock envelope —— AS1170.4
-~ — — Proposed spectra Rock envelope
0 \"“%-——.ﬁ I — — Proposed spectra
0 1 2 R 3 4 5 0 1 2 3 4 E
Period (s) Period (s)
25 Class C 200 7 ClassC
2 =
\
s --"\\\ ——AS1170.4 T T T T Lo
Sand envelope E
a
wv)
(-4

RSA (g)
=]
AN
T
\
| .
e
L/
5
/\
\

R Y
o \w__.__ — — Rock & clay proposed spectra
0 1 2 Period (s) 3 4 5 0 ! 2 Period (s) 3 4 5
16 ClassD B0 T TTT T Class D
4 =Syt +—+— 11 || YTTVY e <~
o
12 \ 1
LN RN R R Y R (5 50 0 0 N b’ G SN A0 A A Y O O M Pl =
1 Y ——AS1170.4
= Sand envelope —
08 H—N—fr—
:" ----- \ Rock & clay envelope g
g 06 "N N =--- Sand proposed spectra - ——AS1170.4
04 | — — Rock & clay proposed spectra 3 Sand envelope
’ I T T T &« Rock & clay envelope
0.2 - = = Sand proposed spectra
0 . — — Rock & clay proposed spectra
0 1 4 5 0 1 4 5

2 period (s) 3

2 Period (s) 3

Figure 2-22: RSA and RSD of proposed method, envelope results from numerical analysis, and
AS 1170.4 spectra for kyZ factor of 0.3 g

2444 Proposed response spectra and response of existing shear wave velocity
profiles
To illustrate the validity of the proposed spectra, eight of the shear wave velocity profiles
provided in Kayen et al. (2015) are modelled in SHAKE2000 (Ordonez, 2014) to obtain the
acceleration and displacement response spectra. They have been classified as Class C or
Class D sites according to the classification system proposed in Section 2.4.4.1 and they
have been modelled as clay sites. It is noted that for some sites the shear wave velocity
profile at deeper depths had to be artificially generated (based on other existing profiles)
such that the profile reached bedrock with a shear wave velocity of at least 1800 m/s. The
response spectra of these sites are provided in Figure 2-23 and Figure 2-24 and are
compared with the proposed response spectra. The shear wave velocity profiles of the
sites are also provided in Appendix B. It is observed that the proposed displacement
response spectra are generally capable of enveloping the response of the eight sites.
Furthermore, it is clearly seen that the gradient of the displacement spectra up to the

second corner period matches very well with the response spectra of the various soil
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profiles. This is because the second corner period in the proposed response spectra is
associated with the site period. Interestingly, it is also observed that the acceleration
response of the shear wave velocity profiles analysed can actually exceed the proposed
spectra in the short period range even though these proposed spectral values are already
significantly higher than those in AS 1170.4:2007. This is because the acceleration
response in the short period range is governed by the frequency content of the input
ground motion as well as the stiffness of the ground at shallower depths. That is, RSA,.«
for soil sites does not occur at the fundamental period of the site (unlike RSD,,,5x) but
rather at shorter periods. Hence, the prediction of the acceleration response in the short
period range is much more complicated and variable. The research carried out here
suggests that the RSA is underestimated by current codes and standards in the low period
range. Further research in this area is required since it would signify a significant change if

it were required to be used in force-based design.
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Figure 2-23: Response spectra of shear wave velocity profiles and proposed response spectra for

Class C: (a) RSA, (b) RSD
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Figure 2-24: Response spectra of shear wave velocity profiles and proposed response spectra for
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2.4.5 Conclusions from seismic site response study

This study has investigated the effects of local site conditions, namely the weighted
average shear wave velocity, depth to bedrock, and intensity of ground motions, on the
seismic response of typical rock, clay and sand sites. In doing so, the study has examined
the validity of the current method used to incorporate site effects in codes, in particular
that used in AS 1170.4:2007. The effects of local site conditions have been obtained from
correlations and observation of trends between site properties representative of
individual rock/soil profiles and seismic site response parameters. The results illustrate
the importance of considering the fundamental site period, which is a function of ; and
depth to bedrock, rather than Vi3, alone, in understanding the seismic site response.
Furthermore, it is demonstrated that the method of analysis adopted in this study allows
the true site behaviour to be captured and for this reason it preferable to methods which
calculate amplification factors based on the average response of sites. The consideration of

true site behaviour is particularly important for low-to-moderate seismic regions since the
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buildings are typically non-ductile and therefore have very limited ability to damp the site-

structure resonance effects.

Based on the findings, re-classification of the site classes in AS 1170.4:2007 is
recommended, with emphasis on site period as a key criteria in classifying soil/soft rock
classes. A new systematic method is then proposed for obtaining the displacement
response spectra and this significantly improves the prediction of displacement response
in the short period range up to the second corner period at which maximum displacement
response occurs. This improvement of the representation of the displacement response in
the short period range comes about because the second corner period for the various site
classes is associated with the site period. Furthermore, the amplification factors represent
the maximum amplification possible within a site category rather than an average
amplification, thus ensuring that the maximum response within a site category is captured
by the displacement response spectra. In the long period range, the suggested
displacement response spectrum for the softer soil classes is an improvement on the code
representation. Currently these suggested improved spectra still appear to over-predict
the response and this is because of the deliberate choice of conservative factors that
reflect the uncertainty in this range. It is recommended that further research needs to be
conducted to improve the representation of displacement response spectra in the longer

period range.

The acceleration response spectra resulting from this study are significantly higher than
those in AS 1170.4:2007. Further research in this area is required since the change would
cause a significant increase in the design actions for earthquake resistant design of

structures if force-based methods are used.

Furthermore, the results of this study have indicated that the response of softer sites is
highly dependent on the PI of the soil. This study has investigated the response of sand
sites and clay with PI of 30 %. Future studies should further investigate the effects of
various PI values on site response and the effect of selecting different shear modulus
reduction and damping curves. Currently none of the standards and codes account for soil

type even though it has a significant effect on site response.

2.5 SUMMARY

In this chapter background information has been provided about the seismicity of
Australia and the current models used to define the level of hazard and response spectra

for rock conditions. Significant research is currently being undertaken to improve the
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seismic hazard map of Australia. However, a consensus has not been reached amongst the
experts. A key challenge for regions of low-to-moderate seismicity, such as Australia, is the
paucity of historical records which makes the selection of ground motion prediction
equations difficult and inconsistent. In this study, to evaluate the seismic performance of
the archetypal buildings, the hazard values in AS 1170.4:2007 will be used as a guide to
represent the seismicity of Australia since it is the current well established model which is

available.

Furthermore, in this chapter an overview of the effect of local site conditions on response
spectra have been presented with a particular focus on the limitations of codified
approaches to incorporate site effects. The limitations of the approaches are particularly
important for regions of low-to-moderate seismicity which typically have non-ductile
buildings. A detailed study has been conducted to explore the effects of local site
conditions and to examine the validity of the method provided in AS 1170.4:2007. The
results indicated that the true site response behaviour is not accurately captured in
codified approaches for all site types. Based on the findings, re-classification of the site
classes in AS 1170.4:2007 has been recommended, and a new systematic method has been
proposed for obtaining the displacement response spectra and the acceleration response

spectra. However, it is concluded that further research in this field is necessary.
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3.1 INTRODUCTION

The aim of this chapter is to characterise the vulnerable RC buildings to be assessed in this
study. This is achieved by first reviewing the history of the design of RC buildings in
Australia to provide an understanding of the existing building stock, including typical
building configurations and design detailing. The seismic detailing deficiencies of the
buildings in Australia are then presented followed by the likely component response and
failure mechanism of the frame and wall components. The importance of considering the
response of the lateral load resisting system and the gravity load resisting system is
examined with a particular focus on the deformation compatibility between the two
systems. Finally, the selection of suitable material properties for the purpose of

assessment of the buildings is discussed.

3.2 HISTORY OF RC BUILDING DESIGN IN AUSTRALIA

To define the characteristics of existing buildings for assessment it is necessary to
determine how buildings have been designed and constructed over the years. Unlike some
countries such as New Zealand and the United States, Australia does not have a publicly
available comprehensive inventory on the structural information of existing buildings.
Therefore, most of the information relating to the design of the buildings for this study has
been obtained by speaking to and corresponding with experienced practicing structural
engineers and from reviewing older editions of the Australian loading and concrete
structures standards. The discussions with structural engineers have helped to establish
typical building configurations and design details, including: member spans, floor-to-floor
heights, material properties, reinforcement detailing and typical axial load ratios of
members. This information will be used to develop the archetypal buildings for
assessment in Chapter 7. The following subsections provide background information
relating to the design of buildings to resist gravity and lateral loads, the development of
design and loading standards, and the design material properties which have been used in

Australia.

3.2.1 Design of RC buildings in Australia

Many existing buildings in Australia which are mid-rise in height typically employ lateral
load resisting systems and gravity load resisting systems that have been designed

independently of each other. The lateral load resisting system usually consists of planar
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and/or non-planar (core) walls which are designed to carry 100 % of the lateral load.
However, prior to the 1980-1990s the magnitude of the lateral load was often
underestimated or not considered at all and therefore the layout of the core walls in
buildings has often been governed by access and ingress requirements (such as for fire);
including lift cores and stair cores. As a result, most of the buildings constructed in this
period have eccentrically placed cores since it was preferred from an architectural
standpoint. Some of the guidelines for distances to exits as specified in the Building Code
of Australia (BCA) (ABCB, 2015) are provided in Figure 3-1 for office and commercial
buildings. This provides an indication of the maximum allowable distances between core

walls.

Travel distance must be
20 m max.

Travel distance to
one exit must be
40 m max

(b) Alternative exits

Travel distance must be
30 m max. for Class 5 &
Class 6

Figure 3-1: Distances to exits for office and commercial buildings (ABCB, 2015)

The design of the gravity load resisting system has changed over the decades. The gravity
system of buildings constructed prior to and during the 1960s typically includes ordinary
beam and slab construction for the floor system. This is because there were fewer
restrictions to the floor-to-floor heights and minimal service requirements had to be met.
Furthermore, during this period beam spans were significantly shorter than current
construction, ranging from six to seven metres. In the 1970s and 1980s, flat-slab and
band-beam construction became more popular. The floor-to-floor heights were usually
limited to 3.3 to 3.6 m which allowed approximately 900 mm space for structural and
mechanical services, including air-conditioning services. Deep edge beams were always

provided around the outer perimeter of the building, typically 600 to 900 mm for fire
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requirements. During this period column spacing was typically 7.4 to 8.4 m. In the late
1980s and early 1990s prestressing was introduced and prestressed construction slowly
became the norm, especially for gravity load resisting systems since much longer spans

became achievable which is desired from an architectural perspective.

The methods used to analyse buildings under gravity and lateral loads has also changed
with time. Prior to the 1980s, buildings were analysed using hand calculations and
moment distributions. During the 1980s the initiation of the use of technology to analyse
buildings developed with 2D computer analysis packages. Therefore buildings constructed
prior to and during the 1980s are usually considered to be unsophisticated and are
sometimes perceived to be robust and over-designed. However, it is important to note that
the perceived over-design of these buildings does not necessarily translate to a better
performance or robustness under seismic loading. This is because the detailing of older
buildings is poor due to lack of consideration and understanding of the building’s response

to seismic loading.

By the 1990s computer technology became readily available in design offices and
significant improvements were made to structural analysis programs leading up to the
programs with the design capabilities available today. This allowed the design of buildings
to become more sophisticated as they could be engineered to provide a range of feasible
solutions. However, associated with the use of these programs, there are also concerns
about the possibility of modern buildings pushing the boundaries and losing their inherent
robustness. As reliance on computer programs for the analysis of buildings increases there
are also concerns about the ability of structural engineers to ensure a safe design by
following a thought process that shows a deep understanding of the overall design issues.
Nevertheless, the advancement in technology has helped the development of structural
engineering and design and if it used with care it allows for improved and innovative

solutions.

3.2.2 Development of design and lateral loading standards

Over the past few decades significant changes have been made to standards and codes
which have directly impacted on the way buildings have been designed and constructed.
The first significant change to the concrete design standard was in the mid-1970s as the
design of structures changed from working stress to ultimate strength design methods
with the introduction of the concrete standard, AS 1480:1974. The second significant
change was in 1988, with the establishment of the concrete structures standard, AS 3600

(Standards Australia, 1988), which was the first limit state design standard in Australia.
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Significant improvements were also made to durability and fire resistant provisions. Since
the introduction of AS 3600:1988 other minor changes have been made to the concrete
structures standard; these have been predominantly related to detailing and RC material
property changes. The current concrete structures standard is AS 3600:2009 (Standards
Australia, 2009).

With respect to wind load and lateral stability, it is generally accepted that they were
poorly considered in Australia until the late 1980s. Although the first wind loading
standard known as Australian Standard CA34, Part I, was published in Australia in 1971
(Australasian Wind Engineering Society, 2012), the wind load considered prior to the late
1980s was much lower than what is considered currently in accordance with

AS/NZS 1170.2 (Standards Australia and Standards New Zealand, 2011).

The first earthquake loading and design standard, known as the SAA Earthquake code,
AS 2121, was published in Australia in 1979. This was a result of the 1968 Meckering
earthquake in Western Australia, which was one of the most damaging earthquakes that
Australia had experienced at the time. AS 2121:1979 was based on the 1977 edition of the
Structural Engineers Association of California (SEAOC) code however it was altered for
Australian earthquake conditions. In 1993, a new earthquake loading standard was
published as AS 1170.4 and this replaced AS 2121:1979. The introduction of AS 1170.4 led
to the need for extra detailing requirements which were provided in AS 3600, the concrete
structures standard, and not in the earthquake code. In 2007, AS 1170.4 was revised and it
is the current version of the earthquake loading standard, however, a new version is due
to be published soon. Revision of the seismic detailing requirements in AS 3600 has also
been undertaken by a subcommittee of the Standards Australia BD-002 Concrete

Structures Committee.

It is important to note that even though the first earthquake loading and design standard
was published in 1979, it was not adopted by all states until a later period. South Australia
was the first state to adopt seismic design, and in particular the city of Adelaide; where it
is believed that seismic design was adopted since 1982. This is probably because
historically Adelaide has had the highest seismicity in comparison to the other capital
cities of Australia and therefore the designers have been more cautious. Nationally,
seismic design was not considered until 1995 when the requirement for earthquake
loading and design was referred to in the BCA and had to be adopted by all states and
territories. This was influenced by the occurrence of the 1989 Newcastle earthquake in

New South Wales, which caused 13 fatalities and high economic loss (Walker, 2011).
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3.2.3 RC material properties used in Australia

In addition to changes made to design standards and analyses methods, there have also
been significant changes to the properties of the materials used to make reinforced
concrete. For example, the concrete compressive strength has increased significantly over
the last few decades. A summary of the typical minimum characteristic concrete
compressive strengths used in design during various periods is provided in Table 3-1. It is
noted that the (lower/minimum) characteristic material properties stated in the
Australian standards correspond to the value of the material property, as assessed by

standard test, which is exceeded by 95 % of the material.

The steel reinforcement properties have also changed over the past decades. A summary
of the lower characteristic steel reinforcement properties over the past seven decades is
provided in Table 3-2. Initially plain round bars were used for longitudinal and transverse
reinforcement, however, during later periods plain bars were limited to ties and fitments.
In the late 1970s hot-rolled, Grade 410Y (later revised to 400) reinforcement bars were
introduced which overtook cold work Grade 410C deformed bars. During the period
between 1991 and 2001, it can be seen that a significantly higher ductility was required,
with a minimum characteristic uniform elongation strain (i.e. ultimate strain) of 0.16.
Interestingly, in 2001, Grade 500N bars were introduced with significantly lower ductility,
requiring a minimum characteristic uniform elongation strain (also referred to as ultimate

strain) of just 0.05.

Table 3-1: Typical lower characteristic concrete strengths (in MPa) for building components for

various periods in Australia

Pre 1960s 1960 to mid- mid-1980s to 2001 to current
1980s 2001
Slab 15-25 25 25 32
Beam 15-25 25 25 32
Column and walls 25-35 30-40 40 40-50+
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Table 3-2: Summary of the lower characteristic properties of reinforcement bars used in Australia (Concrete Institute of Australia, 2007; Liberty OneSteel)

Deformed Bars Plain bars
Production Cold-twisted Hot-rolled Hot-rolled  Hot-rolled Hot-rolled Hot- Hot-rolled Hot-rolled
method rolled
Bar 410C (CW60) 230S 2508 410Y 500N 500L M | 230R 250R
Period 1958 -1983 1973 -1991 119915= 1977 - 2001 2001 - 2001 - 1973-2001 1991-2001
2001 current current
Standard AS A83 AS 1302 AS 1302 AS 1302 AS/NZS AS/NZS | AS 1302 AS 1302
4671 4671
Yield stress >410 > 230 > 250 >410 (1977 -1991) > 500 > 500 >230 250
(MPa) Max limit not Max limit not Max limit > 400 (1991-2001) <650 <750 Max limit not Max limit not
specified specified not Max limit not specified specified
specified specified
Tensile 1.17 (1958-1977) 1.87 (1973- 1.10 1.15(1977-1982) (@ 1.08 1.03 1.87 (1973-1977) 1.10
(ultimate) to | 1.08 (1977-1982) 1977) (1991- 1.05 (1982-1991) 1.15 (1977-1991)
yield stress 1.05 (1982-1983) 1.15 (1977- 2001) 1.10 (1991-2001) 1.10 (1991-2001)
ratio 1991)
Uniform 0.14 (1958-1977) 0.22 0.22 0.12 (1977-1991) 0.05 0.015 0.22 0.22
elongation 0.12 (1977-1983) 0.16 (1991-2001)
(€su)

€su: is the strain at ultimate tensile strength | () AS 3600:2001 sets restrictions to the use of 500L and generally not commonly used | (@ Y-bars were not very common during

1977-1982 period
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3.3 DEFICIENCIES OF NON-DUCTILE RC FRAME COMPONENTS AND WALLS

Many of the existing RC buildings in Australia have building components that have been
designed with ordinary and limited ductile reinforcement detailing, namely; ordinary
moment resisting frames (OMRFs) and limited ductile shear walls. This level of
reinforcement detailing has been consistent with the requirements of the main body of the
concrete structures standards over the years and it allows the designers to adopt a
ductility factor (u) of 2 when calculating the earthquake actions induced on the building in
accordance with the current earthquake loading standard, AS 1170.4:2007 (Standards
Australia, 2007). More stringent detailing requirements may be adopted, for example the
design of intermediate and special moment resisting frames and ductile shear walls, which
allow the designer to adopt higher ductility factors to reduce earthquake actions.
However, this has not been common practice in Australia due to it being in a region of low-
to-moderate seismicity. The detailing requirements for ordinary and limited ductile
building components in Australia are, in general, consistent with the detailing of the RC
buildings constructed in high seismic regions prior to the mid-1970s; that is, prior to the
introduction of seismic detailing and capacity design principles. This level of detailing is
generally categorised in the literature as non-ductile detailing and therefore this term is
adopted from this point onwards in the thesis. It is also sometimes interchangeably used

with non-conforming detailing.

Extensive research has been conducted in high seismic regions aimed at understanding
the behaviour of non-ductile RC buildings in order to improve design provisions and to
assess the vulnerability of existing buildings. In addition, reconnaissance from previous
earthquakes has also provided very useful information in understanding the deficiencies
of non-ductile buildings which contribute to local failure mechanisms and ultimately the
global collapse of buildings. The typical detailing deficiencies which have been reported in
the literature for non-ductile RC frames (Celik, 2007; Hakuto et al., 2000) and walls
(Henry, 2013; Hoult et al,, 2017) are listed below and illustrated in Figure 3-2 and Figure
3-3. These deficiencies are directly applicable to the detailing of RC frames and walls in
older buildings as well as the requirements for current buildings in accordance with AS

3600:2009.

The typical deficiencies of non-ductile RC frames include:
e Inadequate transverse reinforcement (also referred to as ties or stirrups) in beams

and columns for shear strength and confinement
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Poor anchorage and splices of longitudinal bars in beams and columns, in
particular bottom beam bars are terminated within the beam-column joint region
with a short embedment length.

Splices of longitudinal bars located in potential hinge regions

Columns having bending moment capacities which are approximately the same or
less than the adjoining beams thus making the frame vulnerable to the undesirable
weak column-strong beam scenario under lateral loading.

Insufficient transverse reinforcement in beam-column joint regions

The typical deficiencies of non-ductile RC walls include:

Low percentage of longitudinal reinforcement

Inadequate transverse reinforcement for confinement of concrete and to provide
lateral support of longitudinal bars to prevent buckling

Insufficient transverse reinforcement for shear strength

Poor anchorage and splices of longitudinal bars (with splices located in potential

hinge region)

Widely spaced
column ties

Poorly detailed
splices located in Little to no ties
potential hinge provided in the joint Widely spaced
regions mmmmmTT region ------ ----.._ beam stirrups

B
ﬂ 11 I
.
-

.l i Short embedment

length of beam bars

_/L,__ __/L,__

Figure 3-2: Schematic of detailing deficiencies of non-ductile RC MRFs
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Figure 3-3: Schematic of some of the detailing deficiencies of non-ductile walls

3.4 RESPONSE AND FAILURE MECHANISMS OF NON-DUCTILE RC FRAME COMPONENTS

AND WALLS

The following subsections discuss failure mechanisms of non-ductile RC building
components observed during past earthquakes and in experimental testing presented in
the literature. For RC frames, particular focus is provided on the shear response of
columns and beam-column joints as they have been identified as the most vulnerable and
likely failure mechanisms which take place in non-ductile RC frames and may lead to the

collapse of buildings (Ghannoum & Moehle, 2012; Park & Mosalam, 2013b).

3.4.1 Beam-column joints

The greatest uncertainty when evaluating the performance of frames is associated with
the performance of beam-column joints which have little to no transverse reinforcement
(Hakuto et al., 2000; Park, 2002). The primary function of joints is to transfer forces
between beams and columns. However, lack of transverse reinforcement and slip of
longitudinal bars can lead to premature failure of the joints before the full capacity of the
frame members has developed. Joint failure mechanisms can be categorised as (Jeon et al.,
2015):

i.  Joint shear failure after yielding of beams which results in gradual strength

degradation
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ii.  Joint shear failure before yielding of beams and columns which results in rapid
strength and stiffness degradation

iii. = Bond failure, predominantly due to slip of beam reinforcement bars
The last two failure mechanisms are very brittle failures which are common to non-ductile
joints and can lead to joint failure at relatively low displacement demands (Calvi et al.,
2002) and may be followed by eventual global collapse of the frame. Figure 3-4 and Figure
3-5 clearly illustrate beam-column joint failures observed during past earthquakes where
the beams and columns have remained undamaged while the joint failure has led to global
failure of the frames. The two key factors that need to be considered when assessing the
performance of the joints are the strength of the joint and the large deformations which
can take place in the joint. Large deformations in the joint may significantly increase the

interstorey drift (Park and Mosalam, 2013b).

Figure 3-4: Beam-column joint failure experienced in PGC building during the Christchurch

earthquake in 2011 (Kam et al, 2011)

Figure 3-5: Slip of bottom beam bars due to poor embedment of bars in the joint region

(Sezen et al,, 2000)
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Joint shear behaviour is commonly explained via strut and tie models as shown in Figure
3-6 and Figure 3-7 for exterior and interior joints, respectively. The concrete strut
mechanism provides shear resistance from force transfer to the joint panel via the
compression zones of the adjacent beam/s and column/s. The truss mechanism provides
shear resistance from force transfer to the joint panel through the bond between the
reinforcement and the surrounding concrete (Kim & LaFave, 2009; Paulay et al., 1978). It
is discussed in Hakuto et al. (2000) that shear failure of joints without ties initiates due to
diagonal tension cracking which eventually leads to diagonal compression (strut) failure.
This is why a strong relationship is observed in experimental results between maximum

nominal horizontal joint shear stress (7j, mqx) and concrete compressive strength ( f).

0

B I
Y
//n
: ¥
Ny /
N
CS
Forces acting Steel and
on panel zone ( bond forces
Joint harizontal 1,
shear force
Vin=T-Ve he
{a) Forces from beams and {b) Crack pattern and bond and bearing
columns acting on joint core forces after diagonal tension cracking

Initfates in joint core

Figure 3-6: Exterior joint behaviour subjected to lateral loading (Hakuto et al.,, 2000)
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tension cracking

Figure 3-7: Interior joint behaviour subjected to lateral loading (Hakuto et al,, 2000)

The response of beam-column joints is dependent on various parameters. Some of the key
considerations include:

e Transverse reinforcement in the joint region

e Discontinuous bottom longitudinal beam bars

e Longitudinal bar properties

e Joint aspect ratio (hy/h.)

e Column bar splices near the joint region

e Transverse beams

e Slab

e Axial load

e Speed of lateral load (pseudo-static versus dynamic cyclic loading)
The research findings associated with these parameters are discussed in the following

subsections.
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3.4.1.1 Transverse reinforcement in the joint region

Numerous tests have shown that the joint shear capacity increases as more transverse
reinforcement is placed in the joint region, especially for joints which are not confined by
transverse beams (Ehsani & Wight, 1985; Kurose et al., 1988; Paulay et al., 1978). This is
because the ties in the joint region are able to resist shear stresses in addition to the shear
resisted by the concrete. Furthermore, ties provide confinement to the joint region and
thus reduce the size of shear cracks which in turn reduces or delays bar pull-out, hence

improving the joint’s strength and deformation capacity (Ehsani & Wight, 1985).

3.4.1.2 Discontinuous bottom longitudinal beam bars

Discontinuous bottom longitudinal beam bars which are poorly anchored cause a
reduction in the positive bending capacity of the beams. Full-scale tests on beam-column
joints have indicated that for interior joints (with strong column-weak beam
subassemblages), where the embedment lengths of the bottom bars were 150 mm (6
inches), the pull-out of beam bottom beam bars reduced the positive bending capacity of
beams by up to 30-50 % (Beres et al., 1992; Pessiki et al., 1990). Similarly reductions in
positive bending capacity of beams have been observed for exterior joints, with the
reduction being reported as greater than 50 % (Pantelides et al,, 2002). To account for
bond-slip and the decrease in the bending capacity of the beam FEMA 356 (2000) suggests

limiting the stress in the steel according to Eq. 3-1.

lp Eq.3-1
fsmax = fy X l_
d
Where fsmax 1S the maximum reinforcement stress
fy is the yield strength of reinforcement
Iy is the provided embedment length of
reinforcement
ly is the reinforcement development length

required by ACI 318-08

It is interesting to note that studies which have investigated the effect of providing
continuous bottom or sufficiently anchored bottom beam bars have reported that the
failure mechanism may shift to column-sway rather than beam-sway (Kunnath et al,
1995). This has a negative impact on the global response of the frame as higher drifts and
soft-storey effects are observed. This highlights the importance of capacity design
principles, and that what may seem as an improvement in the detailing may actually have

detrimental effects if the global response of the frame is not considered.
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3.4.1.3 Longitudinal bar properties

Force is transferred between reinforcing bars and the surrounding concrete via three
mechanisms: chemical adhesion, frictional resistance, and mechanical interlock (Lutz &
Gergely, 1967, cited in Pessiki et al., 1990). The principal mechanisms for force transfer
are mechanical interlock and friction for deformed bars, and only friction for smooth bars
(Calvi et al., 2002). Hence, in general, plain round longitudinal reinforcement bars have
poor bond in comparison to deformed bars. This results in lower bending capacity of
adjoining members due to bar-slip; this may be particularly important when considering
the moment capacity of columns, as neglecting the effect may result in falsely predicting
strong column-weak beam mechanisms (Calvi et al.,, 2002). However, there are very few
experimental results for weak column-strong beam subassemblages with plain bars, and

further testing is needed to give conclusive results.

Furthermore, the ratio of the column depth to the diameter of the beam longitudinal
reinforcement ( h./dyp), and the ratio of the beam depth to the diameter of the column
longitudinal reinforcement (hy, /dy, ) may have an effect on the joint response due to bond
deterioration if they are too low. Hence, some codes provide minimal depth requirements
based on longitudinal bar diameters. ACI 318R (2008) recommends h./dy }, to be equal or
greater than 20 for interior joints belonging to special moment resisting frames. This is to
reduce the extent of slip when beam hinging takes place during a series of large moment
reversals. Studies have suggested that for limited ductile columns restriction of h./dy is
not necessary (Ruitong & Park, 1987) and that the loss in moment capacity of adjoining
beams to slip is insignificant (Hakuto et al.,, 1999 cited in NZSEE, 2016). In addition, since
the concrete strut is the key mechanism developed to resist joint shear, it is concluded that
for the purpose of assessment of non-ductile joints the effect of bond deterioration on joint

shear strength may be ignored.

3.4.14 Joint aspect ratio (hy/h)

The joint aspect ratio, that is, the beam-to-column depth ratio (hy/h.), has a significant
effect on the joint shear strength. The joint shear capacity decreases with an increase in
beam-to-column depth ratio (Kurose et al.,, 1988; Park & Mosalam, 2013a; Pessiki et al,,
1990). This is because the diagonal compressive strut formed in the joint region becomes
steeper and hence its effectiveness in resisting horizontal joint shear stress is reduced. In
addition, researchers have reported that joint aspect ratio has an effect on the joint
deformation capacity, the larger the ratio the less flexible the joint behaviour (Park &

Mosalam, 2013b).
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3.4.1.5 Column bar splices near the joint region

Experimental tests have also been conducted to investigate the effect of column
longitudinal bar splices near the joint region where the subassemblages have been
designed to have a weak column-strong beam strength hierarchy with continuous beam
bottom bars. The results indicate that if the joints are vulnerable to shear failure then the
presence of lapped splices does not significantly contribute to the failure mechanism of the
subassemblage and that the lapped splices perform adequately (Pessiki et al, 1990).
However, once sufficient ties are provided within the joint region the failure mechanism
changes to column bar buckling due to the poor confinement of the lapped splices located
in the potential hinge regions. However, this type of failure occurs at much larger drifts

since the joint is able to sustain larger deformations.

3.4.1.6 Transverse beams

The presence of transverse beams in general is believed to improve the performance of
beam-column joints. This is due to the passive confinement provided by the longitudinal
reinforcement of the transverse beam/s which can resist the joint panel’s expansion in the
out-of-plane direction (Kim & LaFave, 2009). However, observations from experimental
results provide inconsistent results about the amount of improvement transverse beam/s
provide. Based on the database of 84 interior joints, for which 27 joints had one or two
transverse beams, Kurose et al. (1988) concluded that the presence of one transverse
beam had an insignificant effect on the joints’ performance in comparison to when no
transverse beams were provided, while the inclusion of two transverse beams resulted in
an approximately 30 % increase in the joint shear strength. Kim and LaFave (2009)
examined 341 joint subassemblages from which 36 had transverse beam/s. They
concluded that the presence of two transverse beams resulted in slightly higher joint shear
stresses being achieved in experimental tests in comparison to subassemblages with one
or no transverse beam. Similarly, Pessiki et al. (1990) reported only a small increase in the
peak pull-out resistance of interior joints due to inclusion of two transverse beams.
Therefore, it is likely that improvement on joint shear strength is only observed if the joint

has two transverse beams, although the improvement is likely to be marginal.

3.4.1.7 Slab

Tests conducted on ductile joints with and without slabs have shown that the
incorporation of slabs usually enhances the subassemblage behaviour due to the increase
in flexural resistance of the beam (Ahmed & Gunasekaran, 2014). However, this also
results in higher induced joint shear stresses and column shear demand which can change

the failure mode from beam-sway to shear failure of the joint and/or column-sway.

|61]



Chapter 3: Characterisation of vulnerable RC buildings

Therefore, it is important to consider the increase in the flexural strength of beams due to
the contribution of the slab since it may have a negative impact on the expected failure
mechanism of the frame. Kurose et al. (1988) recommend including slab reinforcement
within one-third of the slab on each side of the beams when calculating the negative
moment capacity of beams. In comparison, recent code provisions and guidelines, such as
ASCE 41 (ASCE/SEI, 2006) and the New Zealand Society for Earthquake Engineering
(NZSEE, 2006), recommend that the effective width of the slab be equal to one-fifth and
one-fourth of the span of the transverse beam, respectively. Recent testing conducted by
Park and Mosalam (2013a) of corner joints with slab and transverse beam indicated that
the contribution of the slab to the beam moment capacity is dependent on the strain level
of the beam longitudinal bars. Hence, the contribution of the slab is actually dependent on
the type of joint failure expected, for example joint failure prior to beam yielding versus
joint failure after beam yielding. Furthermore, Park and Mosalam (2013a) recommend
that the contribution of the bottom slab reinforcement bars may be ignored if they are

poorly anchored into the beam.

3.4.1.8 Axial load

In general, an increase in axial load leads to an increase in joint shear capacity since the
growth of cracks is restrained by compression in the surrounding concrete (Pessiki et al.,
1990). Interestingly some studies have also reported that axial load has an insignificant
effect on the joint shear capacity (Kurose et al., 1988). This is likely to be due to the type of
failure mode experienced by the joints. Experimental testing of corner joints by Hassan
(2011) indicated that high axial loads did not have an effect on joint strength if significant
beam yielding occurred prior to joint failure. However, the test results showed that high
axial loads increase the joint shear strength if shear failure of the joint occurs prior to
beam yielding. Interestingly, it was also observed that the deformation capacity of the joint
reduces with increasing axial load. This can be explained by the axial load failure
mechanism experienced by joints as discussed in Hassan (2011). Once the joints
experience shear failure the axial load is resisted by the shear friction on the diagonal
shear failure plane and via the column bars. As sliding occurs along the shear crack, the
full axial load is then resisted by the column bars which eventually buckle or sway as they
reach their axial load capacity. Hence, joints with higher axial load are likely to have lower
deformation capacity since the column bars are more vulnerable to reaching their axial

capacity.
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3.4.1.9 Speed of lateral load (pseudo-static versus dynamic cyclic loading)

Most studies which have looked at the performance of non-ductile joints have conducted
slow quasi-static loading for the experimental tests. Dhakal et al. (2005) conducted cyclic
loading of six full-scale non-ductile RC beam-column joints for which displacement cycles
were applied at different speeds to the specimens. The loading speed varied from slow
pseudo loading to up to 20 Hz which corresponds to explosion-induced ground shock
frequencies. In general, it was observed that the shear strength increased with loading
speed, however, based on the results presented this trend did not seem to be consistent or
significant and hence it may be disregarded for the purpose of design or assessment.
Furthermore, the 20 % drop of storey shear force which is commonly defined as shear
failure in pseudo testing did not show consistent damage conditions when observed
during high speed testing. However, consistent damage conditions were observed
between pseudo and high speed loading at 80 % loss of shear stiffness. This indicates that
residual shear stiffness may be a better parameter to be used for indicating the level of
damage due to loading at various speeds. Nevertheless, the results indicate that testing
conducted using pseudo loading may be conservatively used to assess the seismic

performance of joints.

3.4.2 Columns and beams

Non-seismically designed RC frames are particularly vulnerable to column failures rather
beam failures. This is because non-ductile RC frames do not follow capacity design
principles and therefore hinges usually form in the columns rather than the beams due to
their lower moment capacities. Furthermore, column failures can have more detrimental
effects on the global response of frames and their failure may lead to the global collapse of
buildings. Therefore, this section primarily focuses on the response of columns; however

most of the discussion is also relevant to beams.

In general, RC column and beam failures may be categorised as flexural (F), flexure-shear
(FS), shear (S) and bond failures. A brief description of the various failure mechanisms is

provided below:

i.  Flexure dominated members are described as members which reach their ultimate
bending capacity, and failure is initiated due to spalling of concrete cover followed
by buckling or by fracture of longitudinal bars.

ii.  Flexure-shear dominated members are characterised as members which initially
experience flexural yielding, but with deterioration of the plastic hinge region,

critical shear cracks are formed. The loss of axial load capacity of the column is due
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to sliding of the column along the critical shear crack as the frictional resistance
reduces.

iii. ~ Shear governed members are described as members which experience lateral
strength degradation prior to yielding of longitudinal bars. Failure occurs due to
sudden propagation of one or more critical cracks.

iv.  Bond failure is associated with bar-slip of the longitudinal bars at the ends of the
member resulting in rigid body rotations which can significantly increase the
member flexibility; however ultimate failure of the member is often associated

with another mechanism: flexure, flexure-shear, or shear failure.

Current methods of assessment involve determining the expected failure mechanisms
which are likely to govern the response in order to determine the drift capacity of the
member. In reality, column and beam failures are often due to a combination of failure
mechanisms. For the purpose of assessment, if multiple failure mechanisms are expected,
the drift capacity of the lower one should be taken. It has been identified that non-ductile
RC columns are particularly vulnerable to flexure-shear and sometimes shear failure
modes (Elwood & Moehle, 2003; Park & Mosalam, 2013b). Therefore, previous studies
focusing on the macro-modelling of non-seismically designed columns assume the critical
failure mode to be flexure-shear, and hence ignore flexural failure modes since the
degradation of shear strength occurs before flexural deformation capacity is reached
(Elwood & Moehle, 2003, 2005; Jeon et al,, 2015; LeBorgne & Ghannoum, 2014a). Figure
3-8 and Figure 3-9 show non-ductile RC column failures during earthquakes

predominantly due to lack of shear reinforcement and confinement.

Figure 3-8: Column shear failure of a 4-storey RC frame-wall building during Christchurch
earthquake in 2011 (Kam et al, 2011)
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Figure 3-9: Damage experienced at the end of columns during the Kocaeli (Turkey) earthquake in

1999 (Sezen et al, 2000)

The lateral displacement response of members is predominantly due to flexural, shear,
and slip deformations. The idealisation of these mechanisms is illustrated for a column
under monotonic lateral loading in Figure 3-10. Some of the key parameters which have
been identified as ones that affect the response of non-ductile RC columns (some of which
also apply to beams) are:

e Lap-splice in potential hinge regions

e Transverse reinforcement detailing

e Axial load

e Longitudinal reinforcement ratio

e Aspectratio

e Direction of loading
A brief description of the effect of these parameters is discussed in the following

subsections.

34.2.1 Lap-splices in potential hinge regions

In non-seismically designed RC frames, lap-splices in the columns are often located just
above the floor level. This is a high stress region (and hence a potential plastic hinge
region) under lateral loading. If the region is poorly confined and the longitudinal bars
have insufficient length, the yield capacity of the column may not be achieved or sustained
under lateral loading. Full-scale experimental tests were conducted by Lynn et al. (1996)
to investigate the effect of splices on non-seismically designed columns. The splices were
20d,, to 25d,, in length (where dj, is the diameter of the longitudinal bar). It was observed
that while significant cracks formed just above the lap splice, the global response of the

columns was similar to those with continuous longitudinal bars. Therefore it was
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concluded that the lap-splices were sufficient in length to achieve the yield capacity,
however, due to poor confinement the bending capacity was not sustained during cyclic
loading and significant lateral strength degradation was observed. It should be noted,
however, that this occurred in a similar manner to those columns with continuous bars.
The requirement for lap-splice lengths has varied in the Australian concrete structures
standard over the years. In general, the lap-splice length required for longitudinal bars in
beams and columns has been 25d,;, to 29d,, for bars under tension (AS 3600:1988 and AS
3600:2009, respectively) and 30d;, to 40d, for bars under compression (AS 3600:1988
and AS 3600:2009, respectively) with larger lengths required for plain bars. Thus, it is
likely that the columns in existing buildings in Australia will develop their bending

capacity, however lateral strength degradation is likely to follow.
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Figure 3-10: Idealised lateral response of RC columns under monotonic lateral loading

(Sezen, 2002)
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3.4.2.2 Transverse reinforcement detailing

Non-seismically designed columns or beams typically have widely spaced transverse
reinforcement with a poor configuration that, in general, does not give sufficient lateral
restraint to the longitudinal bars. This results in poor confinement of the concrete core
since the transverse concrete strains resulting from axial compressive stresses are not
adequately restrained by the concrete arching between the longitudinal bars which,
ideally, would act as abutments for the arches. The lack of proper restraint being applied
to the longitudinal bars makes them vulnerable to buckling subsequent to the spalling of
the outer concrete. Furthermore, poor detailing of the ties reduces the shear capacity of
the members thus making them vulnerable to shear and flexure-shear failures.
Experiments consistently show that as the detailing of ties is improved the column
response improves in terms of ductility and stability of hysteresis loops (Lynn et al., 1996;
Saatcioglu & Ozcebe, 1989). In order to provide an indication of what is considered to be
poor detailing of ties a quick summary of the criteria used to define unconfined or non-
ductile beams and columns in the NZSEE (2016) guide for seismic assessment of buildings,
and also in ASCE 41 (ASCE/SEI, 2013), is provided in Table 3-3. It is noted that ASCE 41
(ASCE/SEI, 2013) provides an extensive list of criteria used to define the backbone
response of beams and columns based on the detailing provided; Table 3-3 only provides
the worst case transverse reinforcement detailing definitions considered in ASCE 41.
Furthermore, for comparison the minimum transverse reinforcement spacing
requirements required in the main section of AS 3600:2009 (same requirements are
required in AS 3600:1988) are also provided in Table 3-3. The comparison shows that the
detailing requirements in AS 3600 for beams and columns would in general be classified
as unconfined or non-ductile in accordance with the criteria in the NZSEE guide and
ASCE 41. The most stringent requirement for tie spacing is that stated in ASCE 41 for
beams which are considered to be controlled by flexure; requiring a minimum tie spacing
of one third of the effective depth of the section. The minimum tie spacing for beams
recommended in AS 3600 and NZSEE guide would be considered as beams controlled by
shear in accordance with ASCE 41. Furthermore, the minimum tie spacing requirement for
columns based on the gross or effective section depth is the least stringent in AS 3600,
which requires the minimum spacing to be equal to the gross section depth, whereas the
NZSEE guide and ASCE 41 require the spacing to be at least half the effective depth of the

section.
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Table 3-3: Definition of unconfined or non-ductile columns and beams in accordance with NZSEE

Guide and ASCE 41, and detailing requirements in accordance with AS 3600

NZSEE Guide (2016) ASCE 41 AS 3600
(ASCE/SEI 2013)
Transverse Ties are only provided Ties with 90° hooks or  Ties may be provided only
reinforcement around corner bars, lap-spliced ties around the corner bars
configuration and/or ties are not depending on the spacing
bent back into the between longitudinal bars, and
core, i.e. ties which if internal one leg ties are
have 90° hooks required they may have 90°
hook on one end and 135°
hook on the other end
Transverse Spacing of ties in the Spacing of ties for Spacing of ties for beams is the
reinforcement plastic hinge regions beams are: smaller of:
spacing for beams and s> %for beams s < 0.5hy, or 300 mm

columns are:
d
s=—,0r
2

s = 16d,

controlled by flexure

d
s= 3 for beams

controlled by shear or

inadequate

If the shear demand is less
than 70 % of the shear
strength provided with
minimum reinforcement then
the spacing of ties for beams is

the smaller of:

devel tlength
evelopment lengths s < 0.75h,, , or 500 mm
or splicing along the

span
P Spacing of ties for columns is

the smaller of

Spacing of ties fi
pacing of ties for s < D.,or 15d,

columns are:
d
s=—,0r
2

Sv

< 0.002

wS

s: is the tie spacing | d: is the effective depth of the beam/column section in the plane of bending | db: is the
diameter of the longitudinal reinforcement | Asv: is the cross-sectional area of transverse reinforcement | bw: is
the width of the web

3.4.2.3 Axial load

In general, an increase in axial load results in higher flexural strength (and shear
strength); however, it also significantly reduces the deformation capacity of columns.
Numerous experiments have demonstrated that as the applied axial load increases, the
strength and stiffness degradation accelerates during cyclic loading and loss of axial-load

carrying capacity of the column occurs at much lower drifts (Fardipour, 2012; Lynn et al,,

1996; Saatcioglu & Ozcebe, 1989; Sezen, 2002). Thus, the response of columns is highly
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dependent on the amount of axial load applied, which is often expressed as the axial load

ratio (ALR) and is calculated using Eq. 3-2.

ALR = Eq. 3-2

fc,Ag

Where P is the axial load on the member

Ay isthe gross cross-sectional area of the

member

Furthermore, under earthquake loading columns in the perimeter frame are likely to
experience changes in axial load, especially if the frame forms part of the primary lateral
load resisting system. In an experimental test Sezen (2002) compared the response of a
column subjected to a constant axial load of 2670 kN corresponding to an axial load ratio
of 0.6 to that of a column subject to a varying axial load ranging from 2670 kN to -250 kN
with an initial gravity axial load ratio of 0.25. It was observed that the column subjected to
varying axial load lost its axial load capacity at a higher drift of approximately 2.9 % in
comparison to the column subjected to a constant axial load, which collapsed at a drift of
1.9 %. This indicates that the increase in compressive axial load during lateral loading has

a less detrimental effect than the initial gravity loading.

3.4.2.4 Longitudinal reinforcement ratio

An increase in longitudinal reinforcement ratio leads to an increase in flexural strength,
however, it has been observed in experiments that it may decrease the drift capacity of
members. The decrease in the drift capacity of the member is predominantly due to the
change of failure mechanism of the member. Fardipour (2012) tested two non-seismically
detailed columns under an axial load ratio of 0.2 with longitudinal reinforcement ratios of
0.56 % and 1.0 %. It was observed that the column with the higher reinforcement ratio
experienced a loss of axial load carrying capacity at half the drift achieved by the column
with the lower longitudinal reinforcement ratio. The column with the lower reinforcement
ratio displayed a flexural failure mechanism (experiencing axial load failure at 5.0 % drift)
whereas the column with the higher longitudinal reinforcement ratio displayed a flexure-
shear failure mechanism (failing at 2.5 % drift). The experiment was repeated for a higher
axial load ratio of 0.4, but similar trends were not observed. Despite both columns having
different longitudinal reinforcement ratios, they failed at approximately the same drift (at

1.5 %) and both displayed a flexure-shear failure mechanism.
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3.4.2.5 Aspect ratio

The aspect ratio of columns and beams, which is defined as the ratio of the shear span to
the depth of the cross-section, affects the type of failure mode expected. As the aspect ratio
increases the failure mode changes from flexural to shear. Interestingly though, results
from experimental tests have shown that the aspect ratio has an insignificant effect on the
ultimate drift capacity of columns, especially for columns with aspect ratios greater than
2.5 (Fardipour, 2012; Rodsin, 2007). Other parameters, including the detailing of the
reinforcement and axial load on the columns have a more significant effect on the drift

capacity achieved by columns.

3.4.2.6 Direction of loading

The strength and displacement capacity of columns is significantly influenced by the
loading path, in particular loading which causes biaxial bending. However, detailed
experimental results are still limited for columns tested under biaxial lateral cyclic
bending (with axial load), especially for flexure-shear critical columns. This is reflected in
the absence of recommendations and guidelines for calculating the capacity of columns, in

particular deformation capacity of columns, under biaxial bending.

One of the early experimental studies which investigated the effect of deformation path
applied to RC columns was conducted by Saatcioglu and Ozcebe (1989). They investigated
the response of shear-flexure critical square RC columns by conducting 14 full-scale tests.
Three types of loading protocols were investigated: (i) unidirectional cyclic deformations
applied to a principal axis, (ii) diagonal cyclic loading which produced equal components
of bending and shear in the two principal directions, and (iii) elliptical bidirectional cyclic
deformations (this was conducted for only two of the 14 columns tested). It was reported
that the overall hysteretic response, including strength and stiffness degradation, was not
affected by biaxial bending if the load followed a straight line path; that is, the diagonal
loading protocol. However, the columns subjected to simultaneously varying bidirectional
load reversals displayed a significantly different response in comparison to the columns
subjected to unidirectional loading. The level of damage in one direction significantly
affected the column response in the other direction once yield deformation was reached in
one direction. Once yield deformations were reached in both directions, significant
strength and stiffness degradation occurred. Based on the reported values, the reduction
in ultimate moment capacity of the columns under bidirectional loading were
approximately 70 % of those obtained under unidirectional loading. For two different

column types (B1 and B2), the response of the columns tested under two different types of
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bidirectional loading, and of a column with similar detailing tested under unidirectional

loading (U4 or U3), are presented in Figure 3-11 and Figure 3-12.
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Figure 3-11: Columns tested by Saatcioglu and Ozcebe (1989): (a) response under unidirectional
(specimen U4), (b) North-South response under bidirectional loading (specimen B1), (c) East-

West response under bidirectional loading (specimen B1),
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Figure 3-12: Columns tested by Saatcioglu and Ozcebe (1989): (a) response under unidirectional
(specimen U3), (b) North-South response under bidirectional loading (specimen B2), (c) East-

West response under bidirectional loading (specimen B2),

More recently, detailed experimental results were presented by Rodrigues et al. (2013)
who tested 24 RC columns under uniaxial and biaxial loading. It was reported that the
columns tested under biaxial loading experienced a 20-30 % reduction in maximum
strength in their weak direction and 8-15 % reduction in the strong direction when
compared with those tested under uniaxial loading. The drift demands at cracking were
reported to be the same for the columns tested under biaxial and uniaxial loading. At
spalling, the drifts of the columns tested under biaxial loading were 50-75 % of those
observed under uniaxial loading, and at bar buckling, the drifts for the biaxial tests were
65-75 % of those observed in the uniaxial tests. It is noted that the columns tested by

Rodrigues et al. (2013) were flexure governed columns, and interestingly it was observed
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that the plastic hinge length was approximately the same for columns tested under

uniaxial and biaxial loading.

Based on numerical modelling Zoppo et al,, (2016) investigated the deformation capacity
of non-conforming, flexure governed RC columns under biaxial bending. While the results
were not validated with experimental tests, they provide an insight and a better
understanding of column response under biaxial bending. In total, Zoppo et al.,, (2016)
obtained numerical results for 780 square and rectangular columns and used these to
investigate the influence of axial load, geometry, amount of longitudinal reinforcement and
mechanical properties on the ultimate chord rotation of the columns. It is reported that
the maximum chord rotation capacity under biaxial bending reaches only approximately
40-50 % of the uniaxial chord rotation for axial load ratios of less than 20 %, for both
square and rectangular cross-sections. Interestingly, in the case of higher axial load ratios,
the effect of biaxial bending was reported to be less dramatic, with the deformation
capacity reduced to approximately 80 % (for axial load ratio of 60 %) of the uniaxial case.
It is demonstrated that the amount of reduction of the deformation capacity of biaxially
loaded columns is highly dependent on angle of incidence of the imposed displacements.
For square columns with symmetrical reinforcement detailing, the minimum deformation
capacity occurs when the angle of incidence is 45 degrees, for rectangular columns, the
minimum deformation capacity is dependent on geometry and axial load ratio as well as
the angle of incidence. Furthermore, Zoppo et al,, (2016) also concluded that the reduction
of deformation capacity due to the simultaneous presence of the two components of
bending is higher than the reduction of strength, which is evident in the experimental

results discussed earlier.

3.4.3 Walls

Similar to columns and beams, the failure mechanism of walls can be predominantly
categorised as flexural, flexure-shear, and shear. Bond failure and splice failure may also
take place, however, the ultimate failure mechanisms of walls is associated with one of the
three predominant failure mechanisms. The predominant failure mechanism of the walls
is highly dependent on the aspect ratio, that is, the ratio of wall height to wall length.
Flexure controlled behaviour is typically expected for slender walls, defined as having
aspect ratios greater than or equal to 2.0 (Pugh et al.,, 2015). In addition, Wibowo et al.
(2013) explain that moderate walls, defined as having aspect ratios between 1.0 and 2.0,
are also likely to develop a flexural failure mechanism. This is explained to be particularly
the case for lightly reinforced walls due to the inherent shear strength of the concrete

compared to the lateral force that can be developed by the wall under flexure. The flexural
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response of the walls with low aspect ratios was observed for the six walls tested by
Kuang and Ho (2007) where cyclic testing of walls with aspect ratios of 1.0 and 1.5 with
longitudinal and transverse reinforcement ratio of approximately 1 % were conducted.
Since the walls in this study are lightly reinforced and mostly have aspect ratios greater
than 2.0, the flexural failure mechanisms of the walls will be examined. It should be noted
that the only walls with aspect ratios less than 2.0 are a couple of the two-storey walls;
they have aspect ratios between 1.0 and 2.0 which are considered acceptable for the
reasons given above. The loss of lateral load carrying capacity of walls due to the flexure
controlled mechanism can occur in the following ways (Pugh et al., 2015):
i.  Compression failure: crushing of concrete core and buckling of longitudinal
reinforcement
ii.  Low-cycle fatigue of the reinforcement: buckling of bars followed by fracture of
longitudinal reinforcement

iii.  Tension failure: rupture of longitudinal reinforcement

As part of an on-going research at the University of Melbourne and Swinburne University
of Technology to assess the seismic performance of RC buildings, significant research has
been conducted to investigate the seismic performance of walls with detailing typical of
Australian buildings (Goldsworthy & Gibson, 2012; Hoult et al.,, 2017; Hoult, 2017; Hoult et
al, 2014; Wibowo et al,, 2013; J. L. Wilson et al,, 2015). Consistently, the key parameters
which have been identified as ones that influence the capacity and response of the flexure
governed walls include the longitudinal reinforcement ratio, confining reinforcement, and
axial load ratio. These parameters as well as the effect of bidirectional loading on the

response of walls are discussed in the following subsections.

3.4.3.1 Longitudinal reinforcement ratio

Experimental and numerical studies have highlighted that RC walls with low longitudinal
reinforcement ratios, which is common design practice in regions of low-to-moderate
seismicity (Wibowo et al,, 2013), are particularly vulnerable to brittle tension failure due
to an insufficient number of cracks forming in the plastic hinge region (Henry, 2013; Hoult
et al,, 2017; Lu et al., 2016). Walls with a single crack formation have been reported in
reconnaissance reports, including the 1985 Chile earthquake (Wood et al,, 1991) and the
2011 Christchurch earthquake (Buchanan et al.,, 2011; Kam et al., 2011; Sritharan et al,,
2014). An example which clearly demonstrates the formation of concentrated cracking at
the base of the wall and fracture of longitudinal bars after an earthquake is shown in

Figure 3-13. The wall belongs to the Gallery Apartments building which survived the
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Christchurch earthquake without collapsing but had to be demolished due to extensive

damage.

The response of walls due to various degrees of crack formation is illustrated in Figure
3-14. Once the wall cracks close to the base, the tension forces developed in the lightly
reinforced wall are insufficient to develop secondary cracking in the surrounding concrete,
and hence high strains are developed in the longitudinal steel over a concentrated length
of the wall, leading to fracture of the bars at low displacement demands. The formation of
a single crack or minimal cracking is always expected for a member if the cracking
moment capacity is higher than the yield (or ultimate) moment capacity of the wall
(Goldsworthy & Gibson, 2012; Henry, 2013; Wibowo et al., 2013). Figure 3-15 illustrates
the moment-curvature analysis conducted by (Henry, 2013) to explain why one of the
walls (with a longitudinal reinforcement ratio of 0.16 %), belonging to the Gallery
Apartments building, failed during the Christchurch earthquake due to fracture of
longitudinal bars while displaying only minimal cracks at the base. To prevent this type of
failure for flexural members, standards and codes have minimum tensile reinforcement
area requirements. The recommendations are based on requiring the cracking moment of
the section to be lower than the nominal bending capacity to ensure that a ductile
response may be achieved. AS 3600:2009 requires the ultimate capacity of a flexural
member to be 1.2 times the cracking moment capacity. However, some studies
recommend greater precaution and suggest that the moment capacity should be at least
1.5 to 2.0 times the cracking moment capacity (Morris et al., 2015; Paulay & Priestley,
1992). Based on finite element analyses of lightly reinforced rectangular walls, Hoult et al.
(2017) demonstrated that a minimum moment capacity of 2.0 times the cracking moment

is required for a good distribution of inelastic behaviour.

In AS 3600:2009, all walls do not need to be designed as flexural members. If the
calculated design actions indicate that the critical wall section is only subjected to
compression, then in-plane bending may be neglected and a simplified design method may
be adopted for the design of vertical compressive forces. Therefore, in terms of the
minimum longitudinal reinforcement ratio, the only requirement which needs to be met is
a minimum of 0.15 % which has been established to control shrinkage and thermal effects
as discussed in the commentary of AS 3600 (Standards Australia, 2014). Hence, many
older buildings and new low- to mid-rise buildings constructed in Australia tend to have

very low longitudinal reinforcement ratios.
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Figure 3-13: Fracturing of wall reinforcement in the Gallery Apartments building during the
Canterbury earthquakes: (a) small crack at the base of the wall, (b) fracture of longitudinal bars

is revealed after concrete removal (Sritharan et al, 2014)
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Figure 3-14: Wall response due various crack formation: (a) distributed cracks, (b) limited

cracks, and (c) single crack (Lu et al, 2016)
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Figure 3-15: Moment-curvature analysis conducted for one of the walls belonging to the Gallery

Apartments building (Henry, 2013)

176 ]



Chapter 3: Characterisation of vulnerable RC buildings

3.4.3.2 Confining reinforcement

Experimental studies have illustrated that the displacement capacity of the walls
controlled by compression failure is improved with confining reinforcement in boundary
regions (Thomsen & Wallace, 2004; Wibowo et al., 2013). This is because the concrete
core is capable of reaching higher strains and thus delaying crushing of the core concrete.
The concrete outside of the core will spall off if the strain reaches about 0.003 and the
longitudinal bars are then vulnerable to buckling outward, especially if they have yielded
previously in tension. The transverse reinforcement, if closely spaced, also tends to delay
the onset of buckling of the reinforcement bars. As discussed in Hoult (2017), it is typical
for walls constructed in Australia, especially in older buildings and current buildings
which are in general mid-rise in height, to have no confinement. Therefore, it is likely that

the walls assessed in this study will be vulnerable to brittle compression failures.

3.4.3.3 Axial load ratio

Similar to columns, the displacement capacity and hence ductility of walls is highly
dependent on the axial load ratio (Dazio et al., 2009; Wibowo et al., 2013). Experimental
results demonstrate that walls with low axial load ratios display higher displacement
capacities when compared with walls with high axial load ratios since those with the
higher ratios tend to undergo brittle compression failures at lower displacement levels.
However, the walls assessed in this study are likely to have low axial load ratios (less than
10 %) due to the height of buildings assessed and the separate design of the gravity load

and lateral load resisting systems.

3.4.3.4 Bidirectional loading

During an earthquake it is likely that the walls forming part of the lateral load resisting
system will experience bidirectional loading. This is particularly the case for non-planar
walls which are designed to resist lateral loads along both principal axes. However, in
most of the wall component experimental tests that have been conducted, the walls have
been subjected to unidirectional loading and thus there is great uncertainty about the
response of walls under bidirectional loading. Recent studies in Europe and America have
tried to bridge this gap by conducting experimental studies on non-planar walls subjected
to bidirectional loading (Behrouzi et al., 2010; Beyer et al,, 2008b; Beyer et al,, 2017;
Constantin & Beyer, 2016).

Beyer et al. (2017) have provided a review of existing experimental results for planar and
non-planar walls subjected to unidirectional and bidirectional quasi-static cyclic loading.

The results of three independent studies on planar walls (Almeida et al., 2017;
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Kabeyasawa et al., 2014; Tatsuya, 1996) demonstrated that the ultimate strength of the
walls was not impacted by bidirectional loading. However, the displacement capacity of
the walls subjected to bidirectional loading was, on average, 75-85 % of the displacement
capacity of the walls subjected to unidirectional loading. In contrast, the review of the
response obtained for non-planar walls, namely U-shaped walls tested by Ile and
Reynouard (2005), revealed that bi-directional loading may reduce the ultimate strength
of the walls; in particular it reduces the ultimate strength of these walls about the axis for
which pre-existing displacements in the orthogonal direction had been induced due to the
loading protocol. The results obtained by Ile and Reynouard (2005) are provided in Figure
3-16. It can be seen that the ultimate strength from the bidirectional results is similar to
that from the results obtained under unidirectional loading for the positive y-direction and
negative x-direction, and for bending about the weak and strong axis respectively.
However, the ultimate strength and stiffness from the bidirectional results are
significantly lower than those from the results obtained from the unidirectional loading
for the negative y-direction and positive x-direction. The difference in the response is
explained to be due to the loading sequence and pre-existing deformations in the
orthogonal direction. Based on the results presented, the reduction in ultimate strength
obtained under bidirectional loading is approximately 80-90 % about the direction for
which strength reduction is observed. The results also illustrate displacement capacity
reductions in the principal directions. The displacement capacity for bi-directional loading
was observed to be 67 % of that obtained during unidirectional loading (Beyer et al,,
2017). Interestingly, Beyer et al. (2017) notes that the displacement capacity along the
diagonal direction for the wall tested under bidirectional loading is approximately equal to
the displacement capacity along the principal directions of the wall tested under

unidirectional loading.

Similar results were also observed from the experimental results presented by Behrouzi et
al. (2010). Three U-shaped walls were tested; one under unidirectional loading (along the
main axis of the wall) and two under different bidirectional loading protocols. It was
observed that the drift capacity of the walls under bidirectional loading reduced to
approximately 67-90 % of the drift capacity obtained under unidirectional loading. In
addition, the moment capacities obtained from the test were compared to the nominal
flexural strengths calculated according to ACI 318. It was observed that the maximum base
moment about the weak axis of both walls tested under bidirectional loading ranged from
79 to 100 % of the ACI 318 nominal flexural strength and it was concluded that the

reduction is likely to be due to the imposed displacement history during the loading
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protocol. The experimental results obtained for the wall tested under unidirectional

loading, and for one of the walls tested under bidirectional loading, are presented in

Figure 3-17 and Figure 3-18, respectively.

[t is noted that the experimental tests conducted in the studies discussed above involve
non-planar walls with reinforcement detailing much superior than the detailing of the
walls to be assessed in this study. Nevertheless, these studies provide an insight into the
response of walls when subjected to bidirectional loading. To the knowledge of the author,

no Australian based studies have been conducted to investigate the response of lightly

reinforced walls to bidirectional loading.
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Figure 3-18: Normalised moment-drift response of U-shaped wall tested under bidirectional

loading by Behrouzi et al. (2010): (a) strong axis, (b) weak axis

3.5 CONSIDERATION OF LATERAL LOAD AND GRAVITY LOAD RESISTING SYSTEMS

Researchers have highlighted that it is critical to consider the response of both the lateral
load resisting system, typically referred to as the primary structural system, and the
gravity load resisting system, typically referred to as the secondary structural system,
when assessing the seismic performance of buildings. The main reason for the need to
incorporate the response of the secondary system, as well as the primary system, is to
assess if the gravity load resisting system is able to sustain the deformations imposed by
the primary system. Some studies argue that it is possible for the gravity system to fail
prior to the loss of lateral load carrying capacity of the primary system due to applied
deformations exceeding the displacement capacity of the gravity system (Goldsworthy &
Gibson, 2012; Kam & Jury, 2017; Kim et al., 2004). This is primarily a concern for buildings
with non-ductile gravity systems since they are vulnerable to sudden brittle failures,
especially if the primary system does not provide adequate protection to load paths thus
leading to diaphragm detachments, punching shear and slab-to-column connection
failures. The vulnerability of the gravity system is exacerbated for buildings with plan
asymmetry as the torsion induced during seismic excitation can significantly increase the
displacement demand imposed on the gravity system. Furthermore, studies have
highlighted that when assessing the performance of the buildings up to the collapse limit
state, to avoid over-conservatism, it is necessary to define the structural damage limit as
when loss of axial load carrying capacity rather than loss of lateral load carrying capacity
is reached (Baradaran Shoraka et al., 2013; Elwood & Moehle, 2003). Since loss of axial

load failure may initiate in the gravity system prior to or immediately after the loss of
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lateral load carrying capacity of the primary system, it is necessary to assess the

performance of both the primary and secondary systems.

Interestingly, most studies which have been conducted in the literature to assess the
seismic performance of buildings primarily focus on modelling and analysing the primary
lateral load resisting system (Baradaran Shoraka et al.,, 2013; Jeon et al., 2015). This is
because most studies have assessed the performance of buildings for which the gravity
and lateral load resistance is provided by the same system (most of the collapse studies
conducted thus far have focused on moment resisting frames) or there is an assumption
that the gravity load resisting system is more flexible than the primary lateral load
resisting system, and hence the gravity load resisting system will have sufficient
displacement capacity to move with the primary lateral load resisting system during an

earthquake.

A well-known example which illustrated the importance of considering displacement
compatibility between the primary and the secondary system is the collapse of the carpark
at the California State University Northridge Campus during the 1994 Northridge
earthquake (Norton et al., 1994). The carpark had ductile perimeter moment frames and
non-ductile interior gravity frames which collapsed as they were not detailed to sustain
the large displacements imposed on them. Figure 3-19 shows a photograph of the carpark
taken after the earthquake which clearly illustrates the flexibility of the perimeter frame
which is intact after the earthquake; however it has fallen into the interior gravity system

which was incapable of resisting the large imposed deformations.

Figure 3-19: Photograph of the carpark at the California State University Northridge Campus
taken after the 1994 Northridge (The Atlantic Monthly Group, 2014)
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The importance of the interaction between the primary and secondary structural systems
is now well understood in regions of high seismicity. The current standard and codes in
these regions require that displacement compatibility between the two structural systems
is checked during the seismic design and assessment of buildings (American Society of
Civil Engineers (ASCE/SEI), 2013; NZSEE, 2016). The Australian earthquake loading
standard, AS 1170.4:2007, also requires that displacement compatibility is maintained
between the primary and lateral loading resisting system. However, in Australia, often the
lateral load resisting system and the gravity resisting system are designed separately and
it not clear to what extend displacement compatibility is checked in practice. In addition,
most older existing buildings (buildings built prior to 1995) were not designed for seismic
loads and therefore displacement compatibility may be a concern for these buildings.
Although, it is noted that the assumption of displacement compatibility between the
primary and secondary system may be valid in Australia if brittle and sudden failure
mechanisms do not take place. This is because the gravity load resisting system (normally
consisting of moment resisting frames and/or band-beam and flat slab floor systems) is
usually more flexible than the lateral load resisting system (normally consisting of core or

shear walls).

Furthermore, for the inherent robustness of buildings it is also desirable that the gravity
load resisting system has the capacity to deform (without collapse) in excess of the drifts
calculated for the lateral load resisting system using the code-specified design event
(typically just a 500 year return period for most buildings). This is because it is the failure
of the gravity load resisting system that leads to catastrophic failures of buildings in cases
where the primary lateral resisting system reaches its capacity or does not perform as
expected. This was illustrated with the collapse of both CTV and Pyne Gould Corporation
(PGC) buildings in Christchurch.

The CTV building was constructed in 1986 and it was designed such that the lateral load
resistance was provided only by the shear walls, and gravity load was resisted by the
frames. The building plan drawing for level two is provided in Figure 3-20. The extensive
details of the reasons for the collapse of the building are discussed in the Canterbury
Earthquakes Royal Commission (CERC) (2012a) report. The primary structural cause of
the collapse of the building was due to the loss of slab connection between the walls and
the columns and the large displacement demands imposed (partly due to plan irregularity
of the building) on the poorly detailed beam-column joints and columns. The columns had
insufficient displacement capacity due to inadequate transverse reinforcement, lower

concrete strength than expected, and also higher axial load than intended most likely due
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to the vertical accelerations induced by the earthquake. The joints also responded in a
brittle manner due to lack of transverse reinforcement and discontinuous reinforcement
in the joint panel. In summary, the main cause of the rapid collapse of the building may be
concluded to be due to “limited robustness (tying together of the building) and
redundancy (alternative load path)” (CERC, 2012a).

The PGC building also collapsed after the Christchurch earthquake. It was constructed in
1966, thus before ductile and capacity design standards were introduced in New Zealand.
A typical upper floor level plan drawing is provided in Figure 3-21. The building collapse
was due to initially the RC walls and cores reaching their ultimate capacity, and hence
afterwards large displacement demands were imposed on the gravity system which
eventually exceeded its capacity and resulted in the pancake collapse of the floors. The
progressive collapse of the building based on analysis conducted by Beca is illustrated in

Figure 3-22.
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Figure 3-20: CTV building plan for level 2, (CERC, 2012b)
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3.6 MATERIAL PROPERTIES FOR ASSESSMENT

When assessing the performance of existing structures it is ideal to use material
properties obtained from these structures. This is because there are many different factors
that can cause a difference in material properties (especially strength) from the specified
design values. However, when assessing the performance of a class of buildings using the
approach of developing archetypal buildings, as done in this study, it is necessary to use
probable or expected material properties. These values are usually based on testing
conducted on a large number of samples taken from existing structures or from products
produced by manufacturers. Furthermore, it will often suffice to adopt the median or
mean values, since studies which have investigated the effect of using a random
combination of material strengths using sampling methods (such as Latin Hypercube
Sampling) have concluded that the effect is negligible when comparisons are made with
the behaviour obtained using mean/median material properties (Jeon et al,, 2015; Kwon &
Elnashai, 2006). These studies have predominantly investigated the effect of adopting
different concrete compressive strengths and steel yield strengths for which the material
strengths were varied with coefficient of variance of up to approximately 30 %. Thus, the
following subsections discuss the probable material properties to be adopted in this study

to assess the performance of the archetypal buildings in Chapter 7.

3.6.1 Steel reinforcement

The buildings assessed in this study are representative of buildings constructed prior to
1995 and as it will be discussed in Chapter 7, the archetypal buildings will be designed in
accordance with AS 3600:1988. Therefore, the buildings are likely to have 410Y or 400Y
bars as the main reinforcement. There were two types of Y-bars which were available in
Australia: Tempcore, supplied by BHP, and Welbend, supplied by Smorgon Steel. The
tensile steel properties provided in the Tempcore and Welbend specifications document
are summarised in Table 3-4. In addition, the nominal properties specified by AS 1302
(Standards Australia, 1991) are also provided in Table 3-4 for comparison. It is noted that
both suppliers report the total elongation strain rather than the uniform elongation strain
(i.e. the strain at the ultimate tensile strength) and thus the uniform elongation strain
values provided in Table 3-4 are obtained from the typical stress-strain curves provided
in the specifications handbook (provided in Figure 3-23) for the purpose of comparison.

The total and uniform elongation values are defined as shown in Figure 3-23(b).

Based on the material properties presented in Table 3-4, it can be seen that the Welbend Y-

bars tend to have better tensile properties than the Tempcore Y-bars. Hence the mean
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material properties of Tempcore Y-bars are to be adopted in this study to provide

conservatism in the prediction of the reinforcement properties.

Table 3-4: Summary of tensile properties of Y-bars

Yield strength  Tensile to yield Uniform Total
(MPa) strength ratio elongation elongation
AS 1302: nominal 400-410 1.05-1.1 0.12-0.16 NA
values
Tempcore: mean 460 1.21 0.12° 0.25
properties
Tempcore: standard 17 0.03 NA 0.02
deviation
Welbend: mean 495 1.26 0.21" 0.268
properties
Welbend: standard 20.6 0.035 NA 0.017
deviation

* Uniform elongation values based on testing have not been reported, the values presented in this table are
obtained from typical stress-strain curves provided in the specifications by the suppliers | NA: not available
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Figure 3-23: Typical stress-strain curves for Y-bars provided by: (a) Tempcore, (b) Welbend
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3.6.2 Concrete

The average concrete compressive strength can vary significantly from the specified
characteristic design strength for numerous reasons, including: the target strength
(average value) will necessarily be higher than the characteristic value used in design
which is a 5 percentile value (if a large number of specimens were tested 95 % should lie
above this value at 28 days), quality of construction (noting that quality control may have
been less stringent with older buildings), and concrete aging. Therefore, it is difficult to
predict the probable strength of concrete without in-situ testing from the structures to be

assessed.

Cook et al. (2014) discuss proposed changes to the New Zealand Concrete Structures
Standard, NZS 3101, which includes an equation to determine the minimum reinforcement
requirement for walls. This requirement is dependent on the expected material properties
of concrete and steel. It is suggested that the concrete compressive strength be multiplied
by a factor of 1.2 to convert from the lower characteristic concrete compressive strength
(f/) to the average target compressive strength, and by 1.1 to increase the concrete
compressive strength due to age. The technical guideline for seismic assessment of
existing buildings provided by NZSEE (2016) recommend taking the probable
compressive strength of concrete as 1.5 times the characteristic concrete compressive
strength. This factor specifically accounts for the increase in compressive strength of
concrete due to age and the ratio between probable and lower characteristic strength (i.e.
fifth-percentile) values. The factor for aging is predominantly based on the recommended
equation by Eurocode 2 Part 1 (European Standard, 2004a) where the aging factor

asymptotes after 10-20 years to approximately 1.2 to 1.4 depending on the cement class.

Recently, a study was conducted by Foster et al. (2016) which focused on the statistical
analysis of material properties in an Australian context. It is discussed that the

compressive strength of concrete in a finished structure (f.) can be taken as:
fe= Kcwac’yl Eq. 3-3

Where K.  isafactor to account for the curing procedure
K,  isa factor to account for workmanship
feyi is the measured compressive strength of

concrete at 28 days
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Foster et al. (2016) suggest using the statistical data provided by Pham (1985), which is
also an Australian based study, to calculate the compressive strength of concrete in a
finished structure. Based on more than 200 tests collected between 1962 and 1981, Pham
(1985, cited in Foster et al., 2016), reported the mean ratio of the 28 day concrete cylinder
strength (f,;) to the specified concrete compressive strength (i.e. the characteristic
concrete compressive strength, f,') to be 1.18, and the mean factor accounting for curing
process and workmanship to be 0.88. Therefore, the mean ratio of the compressive
strength of concrete in a finished structure to the specified concrete compressive strength

is 1.03 (i.e. mean (f./f;) = 1.03).

Due to the uncertainty of predicting the probable compressive strength of concrete, a
lower bound estimate is usually preferred. However, this may not always result in
conservative estimates, especially when determining the failure mechanism of lightly
reinforced walls. This is because a lower estimate of the compressive concrete strength
may lead to a lower estimate of the tensile strength of concrete. Furthermore, it is also
critical to account for the fact that the compressive strength of concrete in structures is
highly dependent on the curing process and workmanship as considered in Pham (1985)
and Foster et al. (2016). Therefore, in this study the probable concrete compressive
strength is taken as 1.2 times the characteristic concrete compressive strength (f,). This
accounts for the mean relationship between that the compressive strength of concrete in a
finished structure and the specified concrete compressive strength, as suggested by Pham

(1985) (i.e. mean (f,/f;) = 1.03) and an aging factor of approximately 1.2.

The tensile strength of concrete is usually conservatively ignored in the design and
assessment of RC beams and columns. However, it is necessary to consider the tensile
strength of concrete when assessing the performance of RC walls as, if it is neglected it
may lead to non-conservative or overly conservative results depending on the failure
mechanism of the wall. If the tensile strength of concrete is not considered or it is under-
estimated then the mechanism which leads to single crack or minimal cracking of lightly
reinforced walls may not be detected. Hence, care should be taken when determining the

failure mechanisms of components and the effect of the assumption of material properties.

The tensile strength of concrete is often represented in two forms: (i) uniaxial tensile
strength of concrete (f,), and (ii) flexural tensile strength (f, s). The Australian Standard,
AS 3600:2009, recommends in the absence of accurate data that the mean uniaxial tensile
strength of concrete and the mean flexural strength of concrete be calculated in

accordance with Eq. 3-4 and Eq. 3-5, respectively.
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mean(f ) = 1.4 X 0.36,/f/ = 0.50,/f/ Eq. 3-4
mean (f ;) = 1.4 0.6\/f = 0.84,/F7 Eq.3-5

For the purpose of assessment, Cook et al. (2014) propose calculating the tensile strength
of concrete using Eq. 3-6 for flexural cracking. The 1.2 factor is included to account for the
gain in tensile strength due to age. Furthermore, Cook et al. (2014) propose Eq. 3-7 to
determine the minimal reinforcement requirement for the design of walls, which is based
on the ratio of expected tensile strength of concrete and yield strength of the
reinforcement. It can be seen that the expected tensile strength of concrete obtained from

these equations is approximately the same.

assessment(fy.r) = 0.55y 1.2 = 0.60y/f Eq.3-6

4 ~1.2%085%0.52% /12X 11X f/ 0.6/ f! Eq.3-7
smin = 1.1x 108 x f, T 11x 108X f,

Where 1.2 factor (outside the square root) accounts for the

tensile strength increase of concrete due to
dynamic loading

0.85 factor relates to the drying shrinkage of concrete
imposing tensile strains into the concrete

0.52 factor relates the mean tensile strength to the
upper characteristic (95 percentile) tensile
strength of concrete

1.2 factor (inside the square root) relates the
average target compressive strength to the
lower characteristic strength (5 percentile)

1.1  factor relates to the increase in concrete

compressive strength due to age

The model code proposed by the International Federation for Structural Concrete (fib,
2010), assumes that the flexural tensile strength of concrete is a function of the uniaxial
strength of the concrete and the depth of the RC member. It is suggested that the mean
flexural tensile strength of concrete be calculated in accordance with Eq. 3-8 (fib, 2010).
The equation accounts for the fact that the flexural tensile strength is approximately equal

to the axial tensile strength of concrete for members with deep sections.
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mean(f,;) Eq. 3-8
mean(fct.f) = A—C
5
Where mean(f.;) isthe mean uniaxial tensile strength of
concrete
Agy is a factor which accounts for the depth of

the component:

e 0.06h°7
U714 0.06h07

where h is the depth of the member cross-
section in the plane of bending (i.e. wall

length for walls and cores)

Figure 3-24 plots the prediction of the flexural tensile strength using the three different
equations that have been proposed in AS 3600:2009 (Eq. 3-5), Cook et al. (2014) (Eq. 3-6),
and fib (2010) (Eq. 3-8). It can be seen that the Cook et al. (2014) and fib (2010) equations
tend to predict similar values for the mean flexural tensile strength of concrete, whereas
the AS 3600:2009 prediction is approximately 50 % higher. In this study, the equation
proposed by Cook et al., (2014) is to be adopted since it has been specifically derived for

the purpose of assessment.

~

——AS 3600:2009

6 Cook et al. (2014)

s ——fib (2010) ///

. / o
~ =

. // =
: —

/

Mean flexural tensile concrete strength (MPa)

0 10 20 30 40 50 60
Characteristic concrete compressive strength (MPa)

Figure 3-24: Predicted mean flexural tensile strength from characteristic concrete compressive

strength (fib (2010) values are based on wall length of 3000 mm)

3.7 SUMMARY

This chapter has briefly highlighted the history of RC design in Australia, including the

typical building configurations, development of concrete structures and lateral loading
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standards, and RC material properties used in construction of the buildings. The late
implementation of the earthquake loading standard, and the current limited consideration
of seismic design in Australia due to it being in a region of low-to-moderate seismicity,
have resulted in most of the buildings being designed using non-ductile detailing. The
buildings which are particularly vulnerable are those constructed prior to 1995, which
corresponds to a period where seismic design was rarely considered and lateral loads due
to wind were also poorly understood. As a result, the buildings constructed in this period
have non-ductile detailing and asymmetric building plans with large eccentricities since
torsional effects due to lateral loading were practically neglected. The review of the
detailing deficiencies of non-ductile buildings which have characteristics similar to the
building stock in Australia has highlighted the likely failure mechanisms of the building
components. For RC frames, the behaviour of beam-column joints and columns has been
identified as critical, since poor behaviour of these is often the cause of the global collapse
of buildings. For RC walls, flexural failure is likely to occur in a sudden brittle manner due
to the low longitudinal reinforcement ratio and lack of confinement. Furthermore, the
importance of considering both the lateral load resisting system and the gravity load
resisting system has been discussed. This is especially the case when assessing the
performance of the buildings up to complete damage and collapse since the ultimate cause
of collapse may be due to the failure of the gravity load resisting system as demonstrated
in reconnaissance reports of past earthquakes. The selection of suitable material
properties for the purpose of assessment of the archetypal buildings has also presented.
The findings of this chapter will assist with the review and selection of suitable nonlinear
modelling methods for non-ductile RC buildings; discussed in Chapters 4 and 5, and the

development of the archetypal buildings which will be assessed in Chapter 7.
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CHAPTER 4: CRITICAL REVIEW OF NONLINEAR MACRO-MODELLING

METHODS

4.1 INTRODUCTION

This chapter provides a critical review of existing state-of-the-art approaches for
modelling RC building components in a macro-finite element modelling space. In
particular, modelling approaches are investigated which are capable of capturing the
detailing deficiencies and the likely response mechanisms of non-ductile RC frame
components and walls as identified in Chapter 3. The chapter begins by reviewing the
modelling methods to incorporate the inelastic response of beam-column joints. Then, the
various macro-modelling techniques for capturing flexural response of members and bar-
slip of longitudinal reinforcement are presented. This is followed by a detailed discussion
on the current modelling approaches for simulating flexure-shear behaviour which is
critical for accurately modelling the response of non-ductile RC columns. Lastly, the
current modelling approaches in the literature for the macro-modelling of RC planar and

non-planar walls are presented.

4.2 BEAM-COLUMN JOINTS

In the design of RC frames it is common practice to assume rigid joints irrespective of the
type of detailing provided. This assumption is not necessarily correct, especially when
assessing the seismic performance of non-ductile RC frames due to the detailing
deficiencies discussed in Section 3.3 which may cause a significant reduction in joint
rigidity. In addition, joint failure may occur prior to the adjoining beams and columns
reaching their ultimate capacity. Hence, when assessing the seismic performance of non-
ductile RC frames, it is critical that joint inelastic behaviour is modelled correctly, which
involves the consideration of two key mechanisms (discussed in Section 3.4.1): (i) the
shear response of the joint core; and (ii) bond-slip of longitudinal beam bars. The
following sections review the various methods for modelling joint flexibility and defining

the load-deformation response of beam-column joints.

4.2.1 Beam-column joint models

Various macro-models have been established to incorporate joint behaviour in the global
modelling of frames. Some of these models, including two types of rigid joint models, are
illustrated in Figure 4-1. The centre-line model and the rigid joint model (Figure 4-1(a)

and Figure 4-1(b)) ignore effects of joint flexibility, which is the common practice for the
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design of RC frames. In these models it is implicitly assumed that the response of the
frame under lateral loading will be governed only by the bending and shear capacity of the
beams and the columns. The explicit modelling of joint response has become possible with
the introduction of zero-length rotational spring elements, which also allow the
decoupling of the inelastic response of beams and columns. One of the first models to
incorporate zero-length rotational spring elements was developed by El-Metwally and
Chen (1988, cited Celik & Ellingwood, 2008) where the spring is located at the intersection
of the beam and column members (Figure 4-1 (c)). The inelastic behaviour of the joint is
defined through the spring via a load-deformation response. This model is sometimes
referred to as the scissors model without rigid joints, and was later improved by Alath and
Kunnath (1995) and is known as the scissors model (Figure 4-1(d)). The shear
deformation of the joint core (panel) is simulated via the zero-length rotational spring
element; however, the beams and the columns are connected via rigid links in this model

and are capable of rotating independently.

More recently a continuum type of element has been introduced, combined with transition
interface elements to allow for compatibility with beam-column line elements. An example
of this is the model introduced by Lowes and Altoontash (2003) (Figure 4-1(e)). The
model explicitly simulates three inelastic mechanisms of a joint consisting of: (i) one
rotational spring to model the shear response of the joint core, (ii) eight bar-slip springs to
represent the bond failure of the longitudinal bars within the beams and the columns, and
(iii) four interface-shear springs to model the loss of shear load transfer at the beam-joint
and column-joint interfaces due to crushing of the concrete. While the model provides
high control over the various inputs its disadvantage is the increased computational effort.
Also there is a lack of availability of models of the detailed response of various
components (such as bond-slip). Therefore the model by Lowes and Altoontash (2003)
was simplified by Altoontash (2004) and the simplified model is commonly referred to as
Joint2D (Figure 4-1(f)). Joint2D has a rotational spring to model the shear deformations
within the joint core, and it has four zero-length rotational springs at the beam-joint and
column-joint interfaces to model bond-slip behaviour of the longitudinal beam and column
bars. Both the Lowes and Altoontash (2003) model and Joint2D model have been
implemented in OpenSEES (McKenna et al., 2000).
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(a) Centre-line model (b) Rigid joint model
@ Q)
(c) Scissors model without rigid joints (d) Scissors model
— Q-&-
i |
(e) Lowes and Altoontash (2003) model (f) Joint2D

Figure 4-1: Summary of various beam-column joint models

4.2.2 Jointload-deformation response

The most important part of any of the macro-models which attempt to simulate beam-
column joint response is the load-deformation hysteretic model used to define the
behaviour of the zero-length springs. This is usually achieved by one-dimensional
hysteresis material models. The most accurate method to obtain the load-deformation
response is from experimental testing in order to capture the complex behaviour of joints.
Since this is neither a feasible nor an efficient method for conducting assessment of
numerous frames; empirical or semi-empirical based methods are usually adopted to
approximate the load-deformation response of joints. The following subsections discuss

the key components required to accurately model the load-deformation response of joints.

4.2.2.1 Backbone curve

A critical part of defining the load-deformation response of the joints is defining the
envelope stress-strain relationship of the response of the joints to lateral loading,
commonly referred to as the backbone curve. The curve is typically defined by four critical
points as illustrated in Figure 4-2. A well-established method for determining the critical
points of the backbone is that described by Celik and Ellingwood (2008), where t; is the

shear cracking stress, 7, and 73 is the shear induced in the joint due to the beams or
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columns reaching their yield and ultimate capacity and both values are limited by the
shear strength of the joint, 7, is the residual strength, and the y values are the
corresponding values of shear strain. A summary of the approach for defining the shear
stress values of the four critical points is provided in Table 4-1. The effects of shear
response of the joint panel and bar-slip of bottom longitudinal beam bars are combined in
a single stress-strain curve. Bar-slip is taken into account by reducing the yield and
ultimate moment capacity of the beam under positive bending based on a reduction factor
obtained from numerous experiments. In order to determine the stress values for points
two and three, it is necessary to determine the type of joint failure; that is whether hinges
form in the beams or the column (referred to as B] or (] failure, respectively), or if the
joint shear strength is reached prior to the adjoining members reaching their yield and

ultimate capacity (referred to as ] failure).

The sway potential index (S;) is used to determine whether column-sway or beam-sway
mechanism is expected. It may be calculated using Eq. 4-1 which suggests that plastic
hinges form in columns if S; > 1.0. However, Priestley (1995) recommends to assume
plastic hinges form in the columns if S; > 0.85 to account for higher modes of vibration
and potential overestimation of column flexural strength. A similar recommendation is
also adopted by recent studies and guidelines for assessment of moment resisting frames
(ASCE/SEI 41, 2013; NZSEE, 2006, 2016; Priestley et al., 2007; Sullivan et al.,, 2014). It is
noted that for the purpose of design, especially design of special moment resisting frames,
more stringent factors are suggested to ensure that hinges are not formed in columns

(Priestley et al., 2007; Standards New Zealand, 2006).

g _ 2(My + Myr) Eq. 4-1
' Z(Mca + Mcb)
Where My, & My, are the expected moment capacities of

the adjacent beams (left and right) at the
centroid of the joint

M., & M.,  arethe expected moment capacities of
the adjacent columns (above and below)

at the centroid of the joint
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Figure 4-2: Backbone curve for beam-column joint response

Table 4-1: Celik and Ellingwood (2008) approach for calculating critical joint shear stress values

Critical point

Positive envelope

Negative envelope

1. Shear cracking

strength, Tjp, ¢,

2. Reinforcement

yielding, 7;, ,

3. Ultimate

capacity, Tjy o,

4. Residual

strength, Tj, res

Tiner = 24 J (=) (1 +0.002 (i))

Where P/Ag is in MPa
Tjh.y < Tjh.cap

Where:

Tjny is the shear stress corresponding to
the stress induced in the joint due to the
adjacent beam/s or column/s reaching
yield capacity, reduced by a to account
for bond-slip of longitudinal bars.
(04<a<0.7)

Tjn.cap 1S the joint shear strength obtained
from a strut and tie model.

Tjh.u < Tjh.cap

Where:

Tjn 1S the shear stress corresponding to
the stress induced in the joint due to the
adjacent beam/s or column/s reaching
ultimate capacity, reduced by « to

account for bond-slip of bars.

Tinres = Tjher

Tner = 24 J (=) (1 +0.002 (fg))

Where P/Ag is in MPa
Tjh.y < Tjh.cap

Where:

Tjny is the shear stress
corresponding to the stress induced
in the joint due to the adjacent
beam/s or column/s reaching yield

capacity.

Tjh.u < Tjh.cap

Where:

Tjny 1S the shear stress
corresponding to the stress induced
in the joint due to the adjacent
beam/s or column/s reaching

ultimate capacity.

Tjinres = Tjher
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To establish the backbone curve it is necessary to define the angular shear strain values
corresponding to the four key shear stress values and hence the deformation response of
the joint. Most of the literature focuses on accurately defining the joint shear stress
capacity rather than the deformation capacity of the joint; especially the shear strain at
which the joint loses its axial load carrying capacity. It should be noted that for the
assessment of joints forming part of the primary lateral load resisting system, a reduction
of 20 % in peak strength is the criterion typically used to define the joint failure. This
criterion corresponds to a loss of lateral load carrying capacity and it is therefore too
conservative to adopt it for frames forming part of the secondary (gravity) structural
system for the definition of the collapse prevention or near collapse limit state. Since most
frames assessed in the literature form part of the primary structural system, the
experimental testing conducted on non-ductile joints has been terminated when
significant joint damage and loss of lateral load carrying capacity is observed. At these
lower strain limits, especially at the initiation of joint failure (i.e. the strain at which peak
joint shear stress capacity is reached), the joint strain is somewhat constant for various
joints, indicating that the shear strain values are less affected by the detailing of the joint
(Park & Mosalam, 2013a). A summary of the recommended shear stress and shear strain
values from recent studies for interior and exterior joints is provided in Table 4-2 and
Table 4-3, respectively. Based on the recommendations it can be seen that Park and
Mosalam (2013b) have identified that the joint aspect ratio has an influence on the joint
shear strain response, and the recommendation by Jeon et al. (2015) clearly indicates that
exterior joints have lower joint deformation capacity in comparison to interior joints as
expected. Furthermore, Jeon et al. (2015) account for the effect of bar-slip on the
deformation response of exterior joints. The recommendations by Celik and Ellingwood
(2008) are provided only as a guide and are based on experimental results; hence a range

of values are given for each critical point.

A recent study which looked at the response of joints without transverse reinforcement up
until axial load failure was reported in Hassan (2011) and Hassan and Moehle (2012). The
study was limited to exterior joints only. However, it was reported that the residual
capacity of the joint at which significant damage was observed should be taken as 70-80 %
of the peak capacity of the joint. The maximum recommended shear strain for the positive
envelope (i.e. when the bottom beam bars are under tension) is 0.03. Furthermore, it was
stated that if axial load failure was of particular interest, the final point on the backbone
curve may be extended to the shear strain that corresponds to 50 % of the peak capacity of

the joint.
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Once the stress-strain backbone is obtained then the moment-rotation backbone may be
obtained. The corresponding moment values may be calculated based on the geometry
and dimensions of the joint, beam, and column as described in Celik and Ellingwood

(2008). Furthermore, the joint rotation may be taken to be equal to the angular joint

shear strain (Celik & Ellingwood, 2008).

Table 4-2: Recommended stress-strain values for exterior joints by various studies

Celik and Ellingwood (2008)

Park and Mosalam (2013)

Jeon et al. (2015)

Tini = Tjher

0.0001 <y, <£0.0013
Tjin2 = Tjny (= Tjh.cap)
0.002 <y, <0.01
Tin3 = Tjhu (= Tjh.cap)

0.01 < y; < 0.03

Tin4a = Tjher

0.03<y,<0.1

Tiha1 = 0-65Tjh.max

¥1 = 0.0025

Tjh2 = 0-9Tjh.max

y, = 0.005
Tin3 = Tjhmax
hy,
y3 = 0.0325 - 0.0125—
he

Tiha = 0-5Tjh.max

Y4 =73 + 0.03

Tina = 0.48\/f!
¥, = 0.00043

Tjh.Z = 0-95Tjh.max

y, = 0.006

Tjin3 = Tjhmax

y3 = 0.015¢ or

y3 = 0.010P

Tjiha = O-ZTjh.max

Ve =7s + Tin3 7_5Tjh.4

Tjh.max" i the maximum joint shear stress | C: for continuous longitudinal beam bars | D: for discontinuous or
poorly anchored longitudinal beam bars

Table 4-3: Recommended stress-strain values for interior joints by various studies

Celik and Ellingwood (2008) Park and Mosalam (2013b) Jeon etal. (2015)

Tjha = 0-65Tjh.max

Ting = 0.48,/f/
¥, = 0.00043

Tina = Tjher

0.0001 < y; <0.0013 ¥, = 0.0050

Tjh.z = 0-95'[jh.max

¥, = 0.006

Tjh2 = 0-9Tjh.max

¥> = 0.010

Tin2 = Tjny
0.002 <y, <0.01
Tjin3 = Tjhmax

Vs = 0.02

Tjin3 = Tjhau Tjn3 = Tjhmax

01 <7y, <0. L
0.01 <y; <0.03 Vs = 0.0325 — 0.0125h—b

C

Tina = Tjner Tjna = 0-5Tjh.max Tjiha = O-ZTjh.max

0.03<y,<0.1 Tjn3 ~ Tjna4

80

y4:]/3+003 ]/4=]/3+

4.2.2.2 Joint shear capacity

Currently there is no consensus on one suitable empirical or numerical model that is
capable of estimating the beam-column joint shear strength of joints with different
detailing. It is generally accepted that for seismically detailed beam-column joints,

modified compression field theory (MCFT) may be used to provide a good approximation
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of the expected backbone curve (Altoontash, 2004); although this approach is generally
not suitable for non-ductile joints (Celik & Ellingwood, 2008). Instead, for non-ductile
joints, strut and tie models are preferred to obtain the joint shear strength since the
primary mechanism through which forces are transferred is a single compression strut
formed between the compression zones of the adjacent beam/s and column/s as
discussed in Section 3.4.1. However, due to the complexity of the strut and tie modelling
approach, codified provisions and recent studies have adopted other approaches to

estimate the joint shear strength.

As discussed in Section 3.4.1, a strong correlation exists between the compressive

concrete strength and the shear capacity of non-ductile joints, and therefore many studies

predict the joint shear capacity as a function of \/E for non-seismically designed joints.
The factors obtained by these studies are highly empirical and are dependent on the
database of joints considered in the regression analysis and hence care should be taken if
such models are adopted for assessment of buildings. This approach is also adopted by
code provisions such as ASCE 41 (ASCE/SEI, 2013) which is based on the following pre-
standards: FEMA 356 (2000) and FEMA 273 (1997). ASCE 41 (ASCE/SEI, 2013), in which
the nominal joint shear strength is given by Eq. 4-2, also includes factors to account for the
location of the joint and the presence of transverse beams. The factor Y,, takes into account
whether the joint provided has conforming or non-conforming transverse reinforcement,
where the joint transverse reinforcement is defined as conforming if the spacing of the ties

is less than or equal to h./2 within the joint.

Vihcap = 0.083AY,,\/ fbjh, (MPa units) Eq. 4-2

Where A is 0.75 for lightweight aggregate concrete, and
1.0 for normal-weight aggregate concrete
Y,,  isafactor which accounts for joint type (see
Figure 4-3), when multiplied by \/E, is the joint
shear strength.

b is the effective joint width, b; = 2o ;bc, where

b, &b, are the width of the beam and the column

cross-sections, respectively
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€Y, =20 C:Y, =15
NC:Y,, =12 NC:Y,, =10
agd ]
a) Interior joint with b) Interior joint without
transverse beams transverse beams
C:Y,=15 c:Y,=12 c:Y,,=8

NC:Y, =8 NC:Y, =6 ' NC:Y, =4

.
¢) Exterior joint with d) Exterior joint without e) Knee joint with or without
transverse beams transverse beams transverse beams

C: joints with conforming transverse reinforcement | NC: joints with non-conforming transverse reinforcement

Figure 4-3: Joint classification and Y, values in ASCE/SEI 41 (adopted from ASCE/SEI 2013)

The recommendation by the New Zealand Society for Earthquake Engineering (NZSEE,
2006) for calculating the maximum horizontal shear strength for joints with no or an
insufficient number of ties is provided in Eq. 4-3. The effect of axial load has been included

by using the Mohr's circle technique; the horizontal shear stress is calculated based on the

assumption that the diagonal tensile shear stress of concrete is k./f; and the vertical

compressive stress is j—*. A similar approach was suggested by Priestley (1997). The factor
g

k suggested in NZSEE (2006) is predominantly based on the work conducted by Hakuto et

al. (2000) with an additional strength reduction factor of 0.85 to calculate Vjj ¢qp-

Vin.cap = 0-85Tjhbjhc Eq. 4-3(a)
P )
Vincap = 0.85\f |1+ ——=bh;h. < 1.92\/f/bjh, Eq. 4-3(b)

AgkJf!

Where Tj, ~ is the nominal horizontal shear stress
(carried by a diagonal compressive strut
mechanism crossing the joint)

P* is the axial load due to gravity and seismic
loading

Ay isthe gross sectional area of the column

[101 |



Chapter 4: Critical review of nonlinear macro-modelling methods

k is a factor which accounts for joint position
and detailing;
k = 1.0 for interior joints
k = 0.4 for exterior joints with bars bent
towards the joint region
k = 0.25 for exterior joints with bars bent

away from the joint region

The more recent recommendations by NZSEE (2016) have suggested that the contribution
of ties within the joint region (if they are provided) may be incorporated in calculating the
joint shear strength based on the Eurocode 8 expression for determining the amount of
ties required for design. Hence, the joint shear stress may be calculated according to Eq.

4-4 and Eq. 4-5 for exterior and interior joints, respectively.

Eq. 4-4
Tjip = O.85k\/]?\/1 + k! (f, + f) + f.fn  for exterior joints 1
Tin = 0.85f/\/ 1+ kf!(f, + fn) + fuln for interior joints Eq. 4-5

: , - P
Where fo is the axial load stress on the joint, f, = -

I is a factor which represents the horizontal
confinement effects due to the transverse
reinforcement in the joint and is calculated as
the maximum tension stress that the ties

Asvfy.f

where
bjhy ’

develop atyield, f;, =

Ag, is the cross-sectional area of ties, and

fyt is the yield strength of the ties

The current and older versions of the Australian concrete structures standards (1988-
2009) have required ties be provided within the joint region if the joint is not restrained
on all sides. However, the minimum cross-sectional area of ties or lateral reinforcement
(Asy,) required within the joint (provided in Eq. 4-6) is very small, often resulting in only
one or two ties within the joint. Hence, for the purpose of assessment it may be assumed

that no ties are provided within the joint region.
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0.35b -
- bS Eqg. 4-6

SV = fyt

Where by, is the beam width

s is the spacing of ties within the joint

The approach taken in more recent studies to predict the joint strength has been to
identify the most influential factors and to then obtain an equation for the strength based
on regression analysis and/or simplifications made to the strut and tie modelling
approach (Jeon et al., 2015; Park & Mosalam, 2012, 2013a). While these studies have been
able to show good predictions of the joint strength with experimental testing, the adopted
approach is inherently highly empirical and dependent on the joint types and detailing
considered in the database. Furthermore, care should be taken when these approaches are
adopted for assessment of RC frames since the material properties may be different to
those considered in the database. In addition, some of these studies adopt empirically
based equations for the prediction of joint strength without consideration of the type of
joint failure; that is, examining whether the joint shear strength is lower or greater than

the shear induced in the joint due to column or beam yielding.

4.2.2.3 Hysteretic response

Once the backbone response is determined, the next step is to define the hysteretic
behaviour of the joint. Parameters that are used in defining the type of hysteresis that
occurs are as follows: (i) stiffness degradation (during unloading and reloading), (ii)
pinching behaviour, (iii) and strength degradation (in-cyclic and cyclic degradation).
Examples are given in Figure 4-4. These parameters are dependent on material properties,
geometry, reinforcement detailing, and loading protocol (intensity and number of cycles,

and sequence of loading) (FEMA P440A4, 2009).

It is noted that the envelope or backbone curve (discussed in Section 4.2.2.1) should
ideally be developed and calibrated with monotonic testing. Then, the hysteresis rules
which are calibrated for different cyclic loading protocols (FEMA P440A, 2009), should
incorporate cyclic degradation. However, the availability of experimental results to enable
the determination of the necessary parameters to define the hysteresis rules is scarce and
often the response of components is validated with experimental results obtained under
one type of cyclic loading protocol. Therefore, often the envelope is calibrated and
validated with component response obtained under cyclic loading. FEMA P440A (2009)
explains that this method is conservative if the cyclic loading protocol does not push the

structure to its maximum limit at each cycle. Other studies take the approach of predicting
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the monotonic response from the cyclic loading response in order to then calibrate the
cyclic degradation parameters (Haselton et al., 2008). This approach is questionable and is
highly dependent on how the monotonic response of the component is predicted. Hence,
due to the scarcity of experimental results for a single component subassemblage under
monotonic and various cyclic loading protocols the method of calibrating the envelope

response with cyclic testing is considered to be a valid approach.

Many relationships that determine the type of hysteresis being experienced have been
created over the years, including the Takeda model (Takeda et al, 1970), the Ibarra-
Medina-Krawinkler Deterioration model (Ibarra et al., 2005), and the Pinching4 model
(Lowes & Altoontash, 2003; Lowes et al., 2004) (see Figure 4-5). The most widely used
hysteretic model in recent years has been the Pinching4 model (available in OpenSEES as a
uniaxial material model) due to its versatility. However, recent studies have criticised the
practical use of the Pinching4 model as it requires a total of 39 parameters to define the
behaviour of the hysteretic model and have therefore suggested the use of other hysteretic
models which require the definition of fewer parameters (Ning et al., 2016). However, the
key advantage of the Pinching4 model is that the input parameters include the definition of
four critical points to directly define the positive and negative backbone, and hence the
envelope response can be easily calibrated for joints as discussed in Section 4.2.2.1. All of
the other hysteretic models that are available in various programs, including OpenSEES,
only allow the direct definition of a maximum of three critical points when defining the
positive and negative envelope (e.g. Modified Ibarra-Medina-Krawinkler Deterioration
Model, Hysteretic Material Model); this usually results in a poor estimation of the initial
stiffness due to the simplification of using three points rather than four points to define
the backbone. Hence, the selection of a suitable hysteretic model often requires a
compromise between the practicality of defining the hysteretic behaviour and the

accuracy of the envelope response.
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Force

A summary of the parameters recommended in various studies for use in the Pinching4
hysteretic model for non-ductile joints is provided in Table 4-4. It can be seen that there is
no real trend in the recommended values, especially for those which control strength and
stiffness degradation. Some studies have argued that the definition of strength and
stiffness degradation may be ignored on the basis of simplicity and due to the insignificant
effect they have on modelling of structural collapse (Park & Mosalam, 2013b).
FEMA P440A (2009) reported a detailed summary of existing research on the impact of
utilising strength and stiffness degradation on the global response of structures during

incremental dynamic analysis (IDA). It is noted that these studies looked at sideways

il

7

K, /K, [K K, /K,/K
g / 1Ry [Kg g 1Ry Kg
ZZL | Z/y = | ZZ i
> K>Ky>Ky Ki= K=Ky K> K;>K;
Displacement Displacement Displacement

(a) Examples of hysteretic models with various stiffness degradation behaviours
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(c) Examples of hysteretic models with various strength degradation behaviours

Figure 4-4: Various hysteretic responses, adopted from FEMA P44A (2009)
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collapse, which is suitable for ductile structures, rather than vertical collapse, which is
typical of non-ductile structures and may occur at much lower drift limits than sideways
collapse. Nevertheless, it was reported that, in general, hysteretic response parameters
tend to have an insignificant effect on the peak displacements experienced by long-period
structures (structures with fundamental periods longer than 1.0 second). However, the
parameters did have a greater significance for shorter-period structures or for structures
located on soft soils; that is, when the period of the structure was shorter than the
predominant period of the ground motion. The peak displacement demand is under-

estimated if hysteretic behaviour is not considered for the short-period structures.
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Figure 4-5: Hysteretic models: (a) Ibarra-Medina-Krawinkler Deterioration Model (Ibarra et al,
2005) model (b) Pinching4 model (Lowes & Altoontash; Lowes et al.,, 2004)
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Table 4-4: Recommended Pinching4 parameters by various studies

Parameter

type

Pinching

Cyclic
unloading
stiffness

degradation

Cyclic
reloading
stiffness

degradation

Cyclic
strength

degradation

Maximum
energy
dissipation
under cyclic
loading
Damage type
(cyclic or

energy)

Parameter

name

rDispP
rForceP
uForceP
rDispN
rForceN
uForceN
gK1

gK2

gK3
gK4
gKlim
gDh1

gD2

gD3
gD4
gDlim
gF1

gF2

gF3

gF4
gFLim
gE

dmgType

Celik &
Ellingwood
(2008)
0.15
0.15
-0.10
0.15
0.15
-0.10
NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NA

Hassan

(2011)

0.15
0.35
-0.10
0.15
0.15
-0.40
0.50
0.20
0.10
-0.40
0.99
0.10
0.40
1.00
0.50
0.99
0.05
0.02
1.00
0.05
0.99
10.0

energy

Park &
Mosalam
(2013b)
0.5
0.25
0.05
0.5
0.25
0.05
NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NU

NA

NA

Jeon et al. (2015)

Exterior
joints
0.20
0.20
0.0
0.20
0.20
0.0
0.95
0.0
0.10
0.0
0.95
0.35
0.0
0.15
0.0
0.95
0.05
0.0
0.32
0.0
0.25
NA

NA

Interior
joints
0.20
0.20
0.0
0.20
0.20
0.0
1.0
0.0
0.10
0.0
0.95
0.30
0.0
0.15
0.0
0.95
0.15
0.0
0.32
0.0
0.25
NA

NA

NA: not available | NU: not utilised
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4.3 FLEXURAL RESPONSE OF MEMBERS

The two common approaches for simulating the flexural response of members are based
on the use of lumped plasticity elements and distributed plasticity elements. The
schematic of the two approaches is provided in Figure 4-6. Each approach has its own set
of advantages and disadvantages which needs to be considered for the type and purpose

of the analysis being conducted. A review of each approach is provided in the following

subsections.
(a)
Elastic element
(b)
il \I
.

—

Distributed plasticity element
(with 5 integration points)

Figure 4-6: Flexural response modelling approaches: (a) lumped plasticity element, (b)
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4.3.1 Lumped plasticity elements

The lumped plasticity approach, also sometimes referred to as the concentrated plasticity
approach, involves modelling the member with elastic elements which have plastic hinges
at each end. The inelastic behaviour of the member is simulated through the plastic hinges

which are modelled typically with zero-length springs and moment-rotation laws which
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do not account for the simulation of axial-flexural interactions. However, it is also possible
to simulate the response of the hinges by using more complex moment-rotation laws or
fibre-sections which account for axial-flexural interactions. The definition of the inelastic
moment-rotation response is usually highly dependent on empirically based equations
and hence suitable approaches need to be selected based on the detailing of the member.
The values suggested by the standards and codes for frame components have been
criticised as being too conservative and hence not suitable for assessment purposes
(Haselton et al., 2008). Furthermore, codified approaches do not provide any guidance for

determining the hysteretic behaviour of the components.

Researchers have tried to improve the accuracy of the lumped plasticity approach (which
use moment-rotation laws to define the inelastic response of elements), predominantly for
frame components, by adopting the plastic hinge analysis approach to determine the
backbone response of components. The moment values used to define the critical points
on the backbone response of the members are usually obtained from sectional analyses,
including: yield or nominal yield, and ultimate bending capacities. The corresponding
deformation capacities are computed using analytical models which commonly use the
curvatures obtained from sectional analyses. A critical part of the approach involves
defining the plastic hinge length to determine the plastic deformation capacity of the
member. It is noted that the plastic hinge length is not the real plastic hinge length
observed in experiments in which the length over which the actual plasticity spread is
determined. Instead it is the equivalent plastic hinge length along which the curvature is
assumed to be constant and from which a reasonably accurate prediction can be made of
the plastic rotation capacity of the member as illustrated in Figure 4-7. This approximation
helps to account for the increase in displacement resulting from other mechanisms
including tension shift and to some extent shear deformations (Priestley et al., 2007).
Numerous equations have been proposed by past researchers (Berry & Eberhard, 2008;
Kazaz, 2013; Koroglu et al., 2014; Priestley et al., 2007; Zhao et al., 2011). However, most
of these studies have focused on simulating the flexural response of ductile or seismically
detailed RC frame components and hence their suitability for determining the response of
non-ductile members should be examined. Furthermore, for collapse analysis it is
necessary to determine the response of members up to axial load failure, however, only a
few studies propose deformation capacities at this limit (Elwood & Moehle, 2003; Wibowo
et al,, 2014; J. L. Wilson et al.,, 2015). In addition to the backbone response the hysteretic
behaviour of the moment-rotation spring also needs to be determined. This is achieved by

calibrating the simulated response with experimental results. This approach has similar
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challenges and issues to those discussed in Section 4.2.2.3 with respect to defining the

hysteretic response for the modelling of beam-column joints.

linear to

yield

actual

T
I base
Lp / 7
i} Z.{ ______ -
@ t B —

Figure 4-7: Idealisation of linear curvature distribution for the purpose of plastic hinge analysis,
from (Priestley et al,, 2007) where Lp is equivalent plastic hinge length and Lsp is the strain

penetration length

Even though it is challenging to determine a general approach for defining the inelastic
response of members at an element level, the ability to directly calibrate the response of
elements with experimental results and to include phenomenological mechanisms is one
of the main advantages of the lumped plasticity approach. These phenomenological
mechanisms may be associated with flexural response of members such as strain-
softening related to reinforcement buckling and low-cycle fatigue, something that is still
not well incorporated in material models used in fibre-sections and distributed plasticity
elements (Haselton et al., 2008). Other mechanisms may also be indirectly simulated such

as the shear response of members (ASCE, 2013; FEMA, 2000).

The other key advantages of the lumped plasticity approach include computational
efficiency and reliability. These attributes are particularly crucial for 3-dimensional
nonlinear building models for which the performance of the building up to the collapse
limit state is of interest. Thus, many studies which conduct collapse modelling of buildings
have adopted the lumped plasticity approach to develop the nonlinear building models
(Badri et al., 2015; Haselton et al., 2011; Karimiyan et al., 2014; Liel et al., 2011; Manie et
al,, 2015; Stathopoulos & Anagnostopoulos, 2005).
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4.3.2 Distributed plasticity elements

The distributed plasticity approach involves defining the cross-section of the element with
fibre-sections. The element response is determined by a weighted integration of the fibre-
section response at each integration point, therefore allowing nonlinear behaviour to be
modelled along the length of the member. Generally, the distributed plasticity approach is
considered to be advantageous over the lumped plasticity approach because it does not
involve determining a predefined length of the member where inelastic behaviour is
assumed to take place. However, as discussed in the following section, the modelling of
elements which involve a softening (rather than a hardening) flexural response is
dependent on the location of integration points and therefore a distributed plasticity
approach in which the length of the plastic hinge is defined is required to obtain accurate
simulation of flexural response of members. Furthermore, the disadvantage of the
distributed plasticity approach includes increase in computational effort and numerical
instabilities. The following subsections discuss some of the key inputs that need to be
considered for the distributed plasticity approach, namely: selection of uniaxial material
models, force-based and displacement-based elements, number of integration points, and

number of fibres.

4.3.2.1 Uniaxial material models for the distributed plasticity approach

The fibre-sections are modelled with nonlinear uniaxial material models which define the
longitudinal reinforcement and concrete material properties. Often the core and cover
concrete are modelled separately to account for the confinement effect, although for non-
ductile columns the effect of confinement is very small. Furthermore, for global analysis of
RC structures it is often assumed that the behaviour of the reinforcement is the same in
tension and compression. In reality the stress-strain relationship of the reinforcement is
different in tension and compression due to the Bauschinger effect and buckling. However,
there is still insufficient understanding about buckling of bars and a consensus does not
exist about the most suitable method to model the behaviour. Nevertheless, numerous
studies exist in which analytical models have been proposed based on experimental

testing (e.g. Dhakal & Maekawa, 2002; Gomes & Appleton, 1997).

4.3.2.2 Force-based and displacement-based elements for the distributed
plasticity approach

Distributed plasticity elements may be force-based or displacement-based elements.

Displacement-based elements follow the assumption of linear curvature and constant axial

deformation along the length of the element, whereas force-based elements follow the

assumption of linear moment and constant axial force distribution along the length of the
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member (Pugh et al,, 2015). Both displacement-based and force-based elements provide
similar solutions if modelled correctly. Displacement-based elements require multiple
elements to accurately model a single member whereas a single force-based element will
often suffice for a single member (Almeida et al., 2016; fib, 2008; Scott & Fenves, 2006).
However, force-based elements may encounter more numerical convergence issues
especially when strength degradation occurs. This is because the finite element space is
displacement-based and nodal displacements are determined such that nodal equilibrium
is satisfied. Hence, force-based elements require intra-element solutions to determine the
force distributions which create nodal displacements that satisfy nodal equilibrium and

compatibility between elements (Pugh et al,, 2015).

4.3.2.3 Number of integration points for the distributed plasticity approach

When modelling the response of a member for which a hardening response is expected,
that is the failure mechanism is governed by longitudinal reinforcement yielding prior to
concrete crushing, the selection of the number of integration points (IP) is often based on
a compromise between accuracy and computational efficiency. The response of the
element converges to a single solution as the number of integration points increases and
usually four IPs suffice to obtain accurate results (fib, 2008). However, when the member
experiences a softening response, the failure mechanism is governed by concrete crushing
or longitudinal bars buckling, the conventional distributed plasticity approach of
modelling members is not accurate and the solution is highly dependent on the number of
integration points. This is due to deformation localisation problems within the first
integration point; this is illustrated in Figure 4-8 for a force-based cantilever element. For
a softening section response a single solution does not exist and therefore the response
obtained is dependent on the characteristic length of the first integration point (i.e. the
section undergoing strain softening) which is equal to the integration weight (Scott &
Fenves, 2006). Hence, if the same integration rule is used, the more integration points
used the shorter the length becomes to the first integration point, thus requiring higher
curvatures to achieve the same displacement at the tip of the cantilever. The compressive
strain in the concrete fibres increases rapidly resulting in significant material stiffness
degradation. Therefore for members with degrading flexural response, the selection of a
higher number of IPs does not necessarily result in a more accurate response of the

member and it may in fact over-predict the brittleness of a member (fib, 2008).
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Figure 4-8: Simulated response of an elastic-perfectly plastic cantilever RC column with
degrading strength for various number of integration points, adapted from Coleman and

Spacone (2001)

Material regularisation is an approach which has been suggested in the past to overcome
the sensitivity of the member response to the mesh size, or in this case the number of
integration points (Coleman & Spacone, 2001; fib, 2008), although, this is not common
practice for line elements (Pugh et al., 2015). The method involves regularising the post-
peak material stress-strain response based on the fracture energy (tensile response), or
the unconfined and confined concrete crushing energy (compressive response), and the
length of the integration point. While material regularisation in theory is quite robust, it is
not common practice to calculate crushing energy during testing of specimens and
therefore there are only few studies which recommend models for calculating the crushing

energy.

Another approach which has been suggested to overcome the dependence of the response
on the number of IPs is the use of plastic hinge length in the distributed plasticity
approach (Scott & Fenves, 2006). This element is implemented in OpenSEES (McKenna et
al,, 2000) as forceBeamColumn element and it essentially determines the weight of the first
integration point based on the plastic hinge length, which is an input parameter. The key
advantage of this approach is that the only additional input which is required is the plastic
hinge length which has a direct structural response meaning and many studies provide
recommendations for calculating this length based on geometric and/or detailing
properties. Figure 4-9 shows the results of a comparative study conducted by Scott and
Fenves (2006) for a bridge pier to illustrate the difference in monotonic response obtained
using: (i) a force-based distributed plasticity element with various number of integration
points (referred to as N,, in the legend), (ii) the linear regularisation method for various
integration points, and (iii) forceBeamColumn element with different plastic hinge lengths

(L) based on various recommendations. The results show significant improvements in
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the predicted response when using the new element (forceBeamColumn element) in
comparison to the response predicted using conventional force-based elements which
significantly underestimate the displacement capacity of the bridge pier. It is also evident
that the approach of using material regularisation produces a good match with the

experimental results.
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Figure 4-9: Simulated force-displacement response of a bridge pier investigated by Scott and
Fenves (2006) using: (a) Force-based element, (b) Forced-based element with material

regularisation, and (c) forceBeamColumn element

4.3.2.4 Number of fibres for the distributed plasticity approach

The distributed plasticity approach also requires the appropriate selection of the number
of fibres used to model a cross-section. fib (2008) suggest 15 layers for rectangular
sections, however, it also recommends conducting sensitivity studies on a simple structure

(such as a beam or column) to determine a suitable fibre size.

4.4 BAR-SLIP

Bar-slip causes rigid body rotations which can significantly increase the member
flexibility. It can be incorporated in a finite-element model via a zero-length spring for
which the behaviour is defined with a moment-rotation hysteretic model. As explained in
Ghannoum and Moehle (2012) the amount of slip (Ss) experienced by longitudinal bars in
the anchorage (or joint) region of a column, illustrated in Figure 4-10, can be calculated by
integrating the strain profile within the anchorage (or joint) region under the assumption

of bi-uniform bond stress (Lehman & Moehle, 2000):

S = <‘:sfsdb
S 8u,

Eq. 4-7
Jfores <g, q

_shd (5 5)(5 = £)

S
S 8u, 8u,

Jfores > ¢,
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Where fs is the bar stress at the interface
& is the bar strain at the interface
&y is the bar yield strain
U, is a the elastic bond stress

U, is the plastic bond stress

Thus at yield, the total lateral displacement due to bar-slip can be obtained via Eq. 4-8
from Elwood and Moehle (2003):

_ chy db ¢ny

Eqg. 4-8
Agiip= Er— ,foreg = &y
e

Where ¢ny isthe curvature at nominal yield

L, is the column height

Another approach for incorporating bar-slip is with zero-length fibre-sections (Berry,
2006; Ghannoum & Moehle, 2012; Zhao & Sritharan, 2007). The section has the same
geometry as the actual member section, but the material properties for the concrete and
steel fibres are altered, as shown in Figure 4-11. The critical strain values which define the
concrete and steel model are amplified by a factor which is dependent on the amount of
slip expected. The main advantage of using the zero-length fiber-section to model bond-
slip over the zero-length spring is that it allows the adjustment of the neutral axis location
based on the applied axial load and loading direction (Ghannoum & Moehle, 2012);

however, it does reduce computational efficiency.
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Figure 4-10: Longitudinal bar anchorage stresses and strains (Ghannoum & Moehle, 2012)
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Figure 4-11: Altered material properties for zero-length fibre-section to simulate bar-slip
(Ghannoum & Moehle, 2012)
4.5 FLEXURE-SHEAR RESPONSE OF NON-DUCTILE COLUMNS

As discussed in Section 3.4.2, the response of non-ductile columns is likely to be flexure-
shear; with significant strength and stiffness degradation taking place after the ultimate
bending capacity of the column is reached due to loss of shear capacity. Currently the

parameters required to model the shear response of columns are approximated by
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empirically based equations and at this stage there is no consensus on the best available
model. Two critical deformation limits must be determined in order to define the
degrading response of the column after ultimate capacity (F,) up to the point of axial load
failure: (i) deformation at shear failure (Ag), and (ii) deformation at axial load failure (A,).
Figure 4-12 illustrates the envelope response of columns to lateral loading and the critical

points which are usually defined in the literature by various studies.
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Figure 4-12: Definition of critical points for the lateral strength-displacement response of non-

ductile columns

Extensive research has been done by previous researchers to develop models to predict
the response of non-ductile columns. These models are usually to some extent empirical in
nature. Three well established models available in the literature for non-ductile columns
are reviewed:

e Model 1: Elwood and Moehle (2003)

e Model 2: LeBorgne (2012), LeBorgne and Ghannoum (2014b)

e Model 3: Wibowo et al. (2014), ] L Wilson et al. (2015)

A summary of the database for the three models is provided in Table 4-5. The proposed
equations for the various deformation limits are primarily based on conducting regression
analysis on a database of experimental results obtained from the literature for columns
with non-ductile or non-seismically conforming detailing. However, it is noted that the
proposed deformation limit for axial load failure by Elwood and Moehle (2003) is based
on the classical-shear friction mechanism and the effective coefficient of friction is based

on experimental tests. A summary of the equations proposed for use in each model are

provided in Table 4-6.
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The definition of the critical points associated with the column response varies from one
model to the next. Deformation at shear failure (A;) in Models 1 and 3 is defined as the
displacement at which the shear resistance drops below 80 % of the maximum shear
recorded; this is the conventional method of defining lateral strength failure. In Model 2,
the deformation limit at shear failure is determined based on the total rotation limit (6y)
allowed in the plastic hinge region, and it corresponds to the deformation at which the
maximum (peak) shear force was recorded (referred to as the ultimate displacement in
this study, A,). The deformation limit at axial load failure (A,) in Model 1 is defined as the
displacement at which axial load failure was observed in the experiment, that is the point
at which the column is no longer capable of resisting the axial load; this approximately
corresponds to the displacement at which the shear resistance dropped to zero. The
deformation limit at axial failure in Model 2 is not directly provided; rather the shear
displacement, corresponding to the difference between the displacement at which
ultimate shear force and residual lateral strength were observed in the experiment (A,)
(shown in Figure 4-13), is provided. The deformation limit at axial failure in Model 3
refers to the displacement at which the shear resistance drops below 50 % of the

maximum applied shear force (A, 509,)-
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Figure 4-13: Shear force-deflection backbone defined by LeBorgne (2012)
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Table 4-5: Summary of the three empirical based models defining column deformation limits

Database and Model Model 1 Model 2 Model 3
Detail
Number of specimens 50 columns for 32 columns 46 columns

Method used to
determine proposed

equations

determining As, and 12
columns for
determining Aa

As is based on curve
fitting with
experimental data.

Az is based on the
classical shear-friction
mechanism and the
effective coefficient of
friction is based on

experimental tests.

Range of parameters in database

Concrete compressive
strength
Longitudinal
reinforcement yield
stress

Longitudinal
reinforcement ratio

Shear span to depth ratio

Transverse
reinforcement spacing to
depth ratio

Transverse
reinforcement yield
stress

Transverse
reinforcement ratio

Maximum shear stress

Axial load ratio

13.1 < f! < 44.8 MPa

324.1 < f,, < 542.0
MPa

0.01 < p; < 0.04

20<-<40

Sle

02<s/h<12

317.2 < f,, <648.1
MPa

0.0010 < p, < 0.0065

v

0.23 <

<0.71
f& (MPa)

0.0 <2

—= I
Agfe

< 0.6

Proposed equations are
based on regression

analysis.

19.3 < f! < 46.9 MPa

330.7 < f,;, < 523.6
MPa

0.01 S p, < 0.04

1552540
h
01sSs/hs1.2

3169 < f,, <565.0
MPa

0.0010 S p, < 0.014

NA

0.0 <2

> 7 =
Agfe

Ay determined based
on yield and plastic
curvatures.

Az is determined
based on curve fitting
with experimental
data.

As is determined by
linear interpolation

between Ay and A..

NA
NA
p, < 0.02
1.0<2<55
h
NA
NA
p, < 0.004
NA
0.0 <—- <065
gfec

h: is the depth of the cross-section in the plane of bending | a: is the shear span of a member| NA: not available
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Table 4-6: Summary of empirical equations defining deformation limits for the three models

Critical parameter Equation

Model1  Drift at shear failure Ag 3 1 v 1 P 1
Ss=—=—tdp——————->—
L ~ 100 20 [77  40A,f = 100

Where:

L is the clear column height

p¢ is the transverse reinforcement ratio
v is the nominal shear stress (in MPa)
P is the axial load on the column

Ay is the column cross-sectional area

Drift at axial load P A, 4 1+ (tan 6,,)?
failure @~ 7100 ( s )
tan 6 + P (———p—
an Asvfytdct tan 6,
Where:

As, is the area of the transverse reinforcement
fyt is the yield strength of the transverse reinforcement
6., is the critical crack angle from the horizontal, assumed to be 65°

Model 2 Total rotation limit P 0.01s

. . 0y = 0.027 — 0.033 > 0.006
of hinge region

Af.d T

Where:
d is the effective depth of the column

Residual drift ratio
of the shear spring

A, l; 0.7A4. f,As
6, =—=0.16 — 15.4p, — 0.009 — 0.58 >0.02
T L Pt db + Ag + fc’Ag =
Where:
l; is the development length of the longitudinal bars as given by ACI
A is the confined area of the column cross-section
A, is the total area of the longitudinal bars

Model 3 Drift at ultimate 5 A, 4y, A
=—=—4+ —
shear force “*“ L L L
Where:
L2
A= by
B
for cantilever columns, where ¢,, is the curvature from sectional analysis
A

T” = (¢u — ¢y )L, , where:

L, is equivalent plastic hinge length

L, = 0.5h,

¢, is the ultimate curvature from sectional analysis

Drift at axial load Ag som 1 1
failure Sason = ———=5(1+p) P +7p, + =
(w}_len shear Where:
lr)ejlstagci dr(f)p; py is the longitudinal reinforcement ratio

clow 50% of the B = -, where n is the axial load ratio, and n,, is the axial load ratio at the
peak strength) ny,

balance point on the interaction diagram

g 3 o . . A A,
Drift at shear failure  cajculated using linear interpolation between T" and =
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To simulate the flexure-shear response of columns the shear behaviour of columns needs
to be added to the elements used to simulate flexural behaviour. For the lumped plasticity
approach, the flexure-shear response of columns can be directly included in the uniaxial
hysteretic model used to define the moment-rotation response of the zero-length springs.
For the distributed plasticity approach, shear response may be added to columns via zero
length shear spring elements where the shear response of the columns is explicitly defined
by the uniaxial hysteretic model. Traditionally, the use of shear springs to capture shear
response of members has only been capable of simulating shear failure (i.e. degradation in
strength of the member) if the shear strength was less than the flexural strength of the
member. This is illustrated in Figure 4-14. This modelling approach does not allow the
simulation of flexure-shear critical columns where the shear capacity of columns
decreases due to increased inelastic deformations. To overcome this problem, Elwood
(2004) developed a new uniaxial material model known as the Limit State Material model
which is implemented in OpenSEES (McKenna et al., 2000). The Limit State Material model
is capable of detecting shear failure due to exceedance of shear force capacity, or
exceedance of shear drift capacity, as shown in Figure 4-15. It achieves this by not only
monitoring the shear forces in the member but also the drift experienced by the member.
Once the shear strength or drift capacity is exceeded (which is defined using empirically
based equations), the shear spring backbone is redefined to include the user-defined
degrading shear slope, K44, and residual force, F..s. Due to the series nature of the

elements K., may be calculated using Eq. 4-9.

1 1 \*! Eq. 4-9
= ()
deg unload
Where Kieg is the total degrading stiffness,
Kéeg = (A‘/%A), where 1, is the peak shear

strength, A and A, are the displacements at
shear and axial load failure, respectively

Kynioaa 1S the flexural degrading stiffness
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Figure 4-14: Material model capturing shear failure for columns with shear strength less than the

flexural strength, adapted from Elwood (2004).
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Figure 4-15: Material model capturing shear failure due to exceedance of shear displacement

capacity, adapted from Elwood, (2004)

While the limit state material model is a significant advancement in capturing shear failure
after flexural yielding, Elwood (2004) explains that convergence issues may occur if the
beam-column experiences a negative loading slope (that is a softening flexural response)
prior to shear failure since multiple solutions are possible, this is illustrated in Figure
4-16. Therefore, it is suggested that the material properties of the beam-column element
should be altered such that a positive slope is maintained prior to shear failure.
Furthermore, it is explained that due to the nature of the series modelling approach, there
is an offset of e in the flexural displacement once shear strength initiates after reloading,
as illustrated in Figure 4-17. However, Elwood (2004) concludes that the offset e does not

significantly reduce the effectiveness of the model.

LeBorgne (2012) and LeBorgne and Ghannoum (2014a) built on the work conducted by
Elwood (2004) and introduced a new uniaxial material called the Pinching Limit State
Material, which is also implemented in OpenSEES. The Pinching Limit State Material has
overcome some of the limitations of the Limit State Material, namely the offset flexural
displacement due to the series modelling approach. Furthermore, the Pinching Limit State

Material model monitors rotation within in the plastic hinge region rather than interstorey
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drift as the deformation limit to initiate shear degradation. However, LeBorgne (2012) and
LeBorgne and Ghannoum (2014a) do not discuss if the numerical convergence issues
related to softening flexural response have been addressed. Flexural degradation is
typical of non-ductile columns (due to poor confinement) and columns with high axial
loads, and as such numerical instability issues related to softening response of columns

may be a key limitation of both limit state material models.

Shear spring Beam-column Total
response response response
(A=A, +A)
|4 Vv
-
= F
70!
-
U — —_—
A A A
v v v
o] / ;
=] (b+B)
v
- a b A B (b+A) (a+B)
U — —1
A, As A

Figure 4-16: Numerical solutions possible for: (a) hardening flexural response, and (b) softening

flexural response, from Elwood (2004)
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Figure 4-17: Limitation of series modelling approach resulting in an offset of e in the flexural

displacement, from Elwood (2004)

4.6 MODELLING OF PLANAR AND NON-PLANAR WALLS

The most accurate method available to model planar and non-planar walls is with
continuum elements such as shell and solid elements. This is because continuum elements
are capable of simulating the interaction between the axial-flexural and shear response of
the walls since they are not based on the assumption that plane sections remain plane.

Therefore accurate simulation of vertical strain distribution along the wall length may be
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obtained. However, similar to distributed plasticity elements, calibration of element/mesh
size is necessary to ensure objective response is obtained when a softening response is
simulated (Scott & Fenves, 2006). The accurate simulation of strain distributions is
particularly important for walls because the damage limits for assessment of walls are
usually determined by strain limits of the concrete and reinforcing bars rather than
rotation and drift limits. However, for the purpose of global analysis; continuum elements
are computational inefficient and most importantly they are not numerically robust and
reliable. Due to these limitations continuum elements are usually not utilised for macro-

modelling of buildings and other modelling methods need to be adopted.

Researchers have shown that, if implemented carefully, distributed plasticity elements can
accurately simulate the response of RC planar and non-planar walls displaying
predominantly flexure controlled behaviour (Beyer et al, 2008a; Pugh et al., 2015).
However, it is noted that the use of fibre-sections for walls which demonstrate a single
crack or minimal cracking is unknown. To the knowledge of the author, no attempt has
been made to develop nonlinear macro-models of buildings which contain non-ductile or
lightly reinforced walls discussed in Section 3.4.3; especially those displaying a cracking

moment that is higher than the yield moment capacity.

The following subsections describe some of the important aspects discussed in the
literature related to the modelling of walls, including: the incorporation of plastic hinge
length to accurately simulate flexural behaviour, incorporation of shear deformations,
modelling of non-planar walls, and the sensitivity of the simulated response of

interconnected walls to modelling assumptions.

4.6.1 Plastic hinge length for flexural response

Studies have highlighted that the use of strain limits for conducting assessment of the
walls should be used with caution since the strain distribution of distributed plasticity
elements is not reliable unless some form of calibration has been conducted (Beyer et al,,
2008a; Pugh et al., 2015). In Section 4.3.2.3 it was discussed that explicit modelling of the
plastic hinge region can help to solve strain localisation issues. The same approach also
helps to improve the prediction of strain since the principle of the approach is based on
improving the accuracy of the distribution of plasticity along the member. Therefore to
accurately simulate the response of the walls using the distributed plasticity approach it is

necessary to determine the plastic hinge length (L) of the walls.

Over the years, many different plastic hinge equations have been proposed by various

studies for the prediction of the plastic hinge length of walls including Bohl and Adebar
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(2011), Kazaz (2013), and Priestley et al. (2007). Most of these studies have been
developed for seismically designed walls or walls displaying a ductile response. Therefore
they are unlikely to be suitable for the walls to be assessed in this study since they have
non-ductile detailing. In addition, most of the plastic hinge equations have been developed
based on numerical or experimental results for rectangular walls only. As part of the on-
going research at the University of Melbourne to assess the seismic performance of
buildings in Australia, detailed finite element analyses have been conducted by Hoult
(2017) and Hoult et al. (2017; in press) (2017, 2018) to assess the lateral response of both
rectangular and C-shaped walls. The walls analysed were in 3- to 12-storey buildings and
had detailing following the Australian Standards; therefore they were often lightly
reinforced walls with little to no confinement. The results illustrated that the existing
plastic hinge equations are unsuitable for walls with detailing representative of Australian
construction as they over-estimate the plastic hinge length and hence the deformation
capacity of the walls. This was particularly the case for walls with very low longitudinal
reinforcement ratios which developed only a single crack at the base of the wall. Hoult
(2017) proposes new plastic hinge length equations suitable for rectangular and C-shaped
walls with non-ductile detailing. Separate plastic hinge lengths are proposed based on the
likelihood of secondary cracking developing within the hinge region; this is checked by
comparing the longitudinal reinforcement ratio (p;) (within the boundary element if
provided) with the minimum longitudinal reinforcement ratio (p,,;.min) required to form

secondary cracking, where p,,; min is calculated in accordance with Eq. 4-10 (Hoult, 2017).

_ (tw —nedp)fers Eqg.4-10
Pwimin =
fut
Where tyw is the wall thickness
ng is the number of grids of transverse
reinforcement

dp;  isthe diameter of the transverse

reinforcement

If it is predicted that secondary cracking will form (i.e. p; > py1.min) then the plastic hinge
length for rectangular walls is determined in accordance with Eq. 4-11. This equation is

recommended for assessment purposes.

Eq. 4-11
L, = (0.1L,, + 0.075H,) <1 - 6.0( P )) < 05L, a

gJ cmi
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Where Ly, is the wall length
H, is the effective wall height
Ag is the cross-sectional area of the wall

femi is the (mean) concrete strength

If secondary cracking is predicted for C-shaped walls, Hoult (2017) recommends Eq.
4-12(a), (b), and (c) for calculating the plastic hinge lengths. Three different equations are
proposed by Hoult (2017) since the numerical analyses suggested different plastic hinge

lengths depending on the direction of bending.

Bending about the major axis:

L, = (0.1L,, + 0.013H,)(1 — 134LR)(7.0e°5?) < 0.5L,, Eq.4-12(a)

Bending about the minor axis with web in compression:

L, = (0.5L,, + 0.015H,)(1 — 13ALR)(1.6e~%'¥) < 0.5L,, Eq. 4-12(b)

Bending about the minor axis with web in tension:

L, = (1.3L,, + 0.082H,)(1 — 11ALR)(1.0e~*¥) < 0.5L,, Eq. 4-12(c)
Where ALR s the axial load ratio on the wall
v is the average normalised shear stress

If it is predicted that only a single crack will form (i.e. p; < pwimin), Hoult (2017)
conservatively recommends adopting a plastic hinge length of 150 mm for the assessment

of lightly reinforced rectangular and C-shaped walls.

4.6.2 Shear deformations for walls

Simple linear elastic shear hysteretic models are usually adopted to incorporate shear
deformations for the global analysis of walls. The shear response may be added to line
elements at an element or section level depending on the type of elements used (Pugh et
al,, 2015). For force-based elements the shear response may be incorporated at a section
level. The shear behaviour is defined via a shear force-shear strain (V' — y) relationship
and is added to each integration point. For displacement-based elements or lumped
plasticity elements, the response is incorporated with a single shear spring positioned at
the bottom of the wall element or multiple springs may be used and distributed along the
wall height at each storey. The response of the spring is defined with a shear force-shear
displacement (V — Agpeqr) relationship, where the shear displacement is obtained by

multiplying the shear strain with the element height (H), (i.e. Agpeqr= YH).
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Typically the shear stiffness is calculated using a portion of the gross section and elastic
properties. For example, (Pugh et al, 2015) recommend calculating the shear stiffness
using Eq. 4-13 for their proposed modelling technique for flexural RC walls using line-
elements.

4 Eqg. 4-13
kshear = ; = GefstAcv a

Where Gerf is the effective shear modulus of concrete,
Gerr = 0.1G, = 0.04E,, where E_ is the
elastic modulus of concrete

K, is the shear form factor which is taken as
5/6 for rectangular walls

Acy is the shear area of the section

Other studies have highlighted that it is more accurate to calculate shear deformations
(and hence shear stiffness) based on the amount of flexural deformation experienced at a
certain ductility level. This is because experimental results from numerous studies have
demonstrated that the ratio of shear deformations to flexural deformations is constant
during inelastic response of flexural walls, including rectangular walls (Dazio et al., 2009)
and non-rectangular walls if the direction of loading is considered (Beyer et al., 2008b).
This suggests that the shear deformations induced in the wall are dependent on the level
of shear force and inelastic flexural deformations (Beyer et al, 2011). Based on these
observations and building on previous work conducted by Hines et al. (2004) and

Priestley et al. (2007), Beyer et al. (2011) suggests a new equation for estimating the ratio

of shear deformations to flexural deformations (—AAS’““"), and this is shown in Eq. 4-14.
flex
Asnear — Em Eq.4-14
Aflex d)tan(ﬁ)Hn
Where Em is the axial strain at the centroid of the wall
(at nominal yield)
o) is the curvature of the wall section (at
nominal yield)
B is the cracking angle
H, Shear span of the wall

Eq. 4-14 is based on the assumption that for flexure governed walls, that is for walls that

do not display a significant degradation in shear-transfer mechanism, the shear
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deformations are primarily dependent on the mean axial strain. In addition, it is based on
the plastic hinge model which assumes the curvature and hence the mean axial strain is
constant along the length of the plastic hinge length. Therefore, for a given cracking angle,
shear strain is also constant and hence the shear deformations may be approximated using
Eq. 4-15 assuming that shear deformations outside the plastic hinge length are
insignificant.

~yL =M Eq.4-15
Ashear"‘ YLp - ml‘p q
It is also assumed that the total inelastic flexural deformations are confined to the plastic

hinge region, and hence flexural deformations may be approximated as:
Afjex~ YLy, = ¢L,Hy Eq.4-16

Using Eq. 4-15 and Eq. 4-16, the ratio of shear-to-flexural deformation is obtained in Eq.
4-14 with a correction factor 1.5 which was added by Beyer et al. (2011) to match
experimental results. The use of this factor is justified on the basis of overcoming some of
the limitations of the model (such as under prediction of shear deformations for not
accounting for the strain in the horizontal reinforcement and the strain in the compression
strut). Furthermore, when modelling the shear spring with a linear elastic hysteretic
model it is necessary to determine the ratio of shear-to-flexural deformations at a
particular displacement demand. Beyer et al. (2014) suggest determining the ratio at
nominal yield (i.e. corresponding to a displacement ductility of one, yy = 1) since the
compatibility forces between the walls with different stiffness are the largest at the onset

of the yielding of walls.

4.6.3 Non-planar walls

The conventional method of modelling non-planar walls using distributed plasticity
elements involves assigning a single fibre-section to the line element. This approach is
capable of accurately simulating the flexural response of an individual wall. However, the
approach has some limitations when examining the wall behaviour in a building. To help
improve the simulation of non-planar walls using distributed plasticity elements,
especially for the purpose of design, Beyer et al. (2008a) suggests using the wide-column
model (WCM). Details of the approach are provided for simulating the inelastic response
of C-shaped walls, however, the approach may be adopted for other non-planar wall
shapes. The model is based on the wide column analogy, also known as the equivalent

frame method, which has been utilised within elastic systems for the modelling of planar
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walls with openings, walls coupled with beams and slabs, and for non-planar walls. The
wide-column model involves modelling each planar component of the wall with an
individual line element which is assigned to a rectangular fibre-section, for example a C-
shaped wall is modelled with three members as illustrated in Figure 4-18. The
components of the wall section are connected to each other using horizontal link elements.
The vertical elements may be modelled as force-based or displacement-based distributed
plasticity elements. If displacement-based elements are used, then multiple elements need
to be used between link elements to ensure accurate response of the wall is simulated. The
main advantage of the wide-column model is that it allows non-planar walls to be
modelled in three-dimensions unlike one-dimensional stick models, and hence it provides
the following benefits (Beyer et al., 2008a):
e It models the distribution of the shear force between the web and the flanges of
the C-shaped cross-section.
e It inherently models the torsional stiffness of C-shaped walls as there is a lever
arm between the two flanges.
e [t allows the monitoring of the sectional forces acting on the individual
components of the C-shaped wall and hence assesses the likelihood of shear

strength failure.

Beyer et al. (2008a) also discuss some of the disadvantages associated with the wide-
column model, namely the parasitic bending moments due to shear stresses along the wall
edges. However, it is explained that the effect of the parasitic bending moments can
minimised by reducing the length at which the link elements are positioned to connect the
various components of the wall section. Based on parametric studies and previous
recommendations by Stafford Smith and Girgis (in 1986), Beyer et al. (2008a) suggest
limiting the space between the links to the smaller of one-fifth of the effective wall height
or half of the wall length (where the wall length was taken as the larger of the flange or

web length), whichever is smaller.

The horizontal link elements require the definition of flexural, shear, and torsional
stiffness. Usually they are modelled as rigid except for the torsional stiffness which allows
warping of the wall components, that is; it is no longer assumed that the total wall section
remains plane. Based on the elastic analysis Reynouard and Fardis (2001, cited in Beyer et
al., 2008a) recommend setting the torsional flexibility for both the web and flange link

elements to:
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hsp t3 Eq.4-17
Ktorsion = GT
Where G is the shear modulus of concrete

hgp is the link spacing

Beyer et al. (2008a) suggest using a reduction factor of 0.25 to the torsional flexibility
calculated in Eq. 4-17 to account for the inelastic behaviour, however, it is mentioned that

this parameter does not significantly affect the wall response.

(@) (b)
Vertical elements :
Horizontal representing web Link elements
links \ and flanges
| 7=

\ Member nodes

o
-

Figure 4-18: Wide-column model: (a) C-shaped wall member positioning, (b) C-shaped wall cross-
section idealisation; two flange members and one web member, adapted from

Beyer et al. (2008a)

4.6.4 Interconnected wall response

When conducting global analysis of RC buildings it is necessary to consider the behaviour
of individual components in a system response. One particular issue that has been
reported is the distribution of shear forces between interconnected walls, that is, walls
that are connected to each other with a diaphragm (usually assumed to be rigid for
modelling purposes). Studies have illustrated that the shear force distribution between
interconnected walls, particularly with different yield deformation capacities, can vary

significantly due to modelling assumptions.

Multiple studies have highlighted, with respect to ductile walls, that the distribution of the
base shear amongst interconnected cantilever walls with different lengths varies during
nonlinear pushover analysis (Beyer, 2005; Rutenberg, 2004; Simonini et al, 2012).
Initially, when all of the walls are responding in the elastic range, the distribution of lateral
force between the walls is proportional to their lateral stiffness. When all of the walls

yield, the distribution of base shear is proportional to the moment capacity at the wall
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base. Between the two stages, that is when some walls are elastic and while others yield,
the base shear distribution is not proportional to the elastic stiffness or the wall strength.
During this middle stage, the lateral deformations of walls at the floor levels would have
been different if they were not interconnected due to their different deflection profiles (i.e.
yield and plastic deflection profiles). However, if a rigid diaphragm is imposed, then the
displacement at each storey must be the same, thus the floor diaphragm must transfer in-
plane forces to achieve this. These compatibility forces alter the distribution of base shear
between the walls; the wall that yields first experiences a decrease in shear force while the
walls which have not yielded yet experience an increase in shear force. It is noted that the

total base shear of the system is not affected by these internal forces.

Beyer et al. (2014) show the difference in shear distribution obtained using different
modelling assumptions by looking at the response of an 8-storey cantilever wall system
consisting of two walls with different lengths. The walls are modelled using: (i) shell
element model (SEM); which is taken as the benchmark, (ii) distributed plasticity beam
element (DPBE), and (iii) lumped plasticity beam element (LPBE). Firstly, it is illustrated
that the response obtained using all three models match well if the individual pushover
curves of the walls are compared (the results are provided in Figure 4-19). However, the
results obtained for the interconnected walls (connected using a rigid diaphragm
assumption) show that the shear distribution in each wall is dependent on the modelling
approach, shown in Figure 4-20(a). The lumped plasticity approach overestimates the
shear developed in the short (i.e. flexible) wall. In addition, it can be seen that the total
response of the system is not affected by the different modelling approaches. One
approach which Beyer et al. (2014) suggest to improve the accuracy of the results
obtained using DPBE and LPBE is to add shear flexibility to the model by incorporating
shear springs at mid-height of each storey. The improved results obtained for the
distributed and lumped plasticity approach are provided in Figure 4-20(b) and Figure
4-20(c), respectively. Clearly, the degree of improvement is dependent on the calibration

of the shear flexibility.

The findings discussed here indicate the importance of examining the system response of
components and the dependability and sensitivity of the results obtained to modelling
assumptions. In addition, it highlights the importance of selecting suitable parameters to
determine the response of components. For example, the results from the lumped
plasticity approach suggest that the induced shear force may not be a reliable parameter

for determining loss of lateral load carrying capacity of the walls.
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Figure 4-19: Results presented in Beyer et al. (2014) comparing force-deformation response of

individual for various modelling approaches
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(b) Comparison of the response obtained using DPBE with and without shear flexibility
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(c) Comparison of the response obtained using LPBE with and without shear flexibility

Figure 4-20: Results presented in Beyer et al. (2014) comparing force-deformation response of

interconnected walls and the total system for various modelling approaches
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4.7 SUMMARY

This chapter has provided a critical review of the current macro-finite element modelling
techniques and challenges for simulating the response of RC buildings. In particular,
modelling techniques have been examined which attempt to simulate the response of non-
ductile RC building components, including: beam-column joints, columns and beams, and
walls. In general, there appears to be a lack of consensus amongst researchers about which
method to adopt when modelling the various components of buildings for the purpose of
global analysis. Furthermore, most of the approaches require the incorporation of
empirically based numerical models to capture the true response of the members. It is also
evident that the various modelling techniques which are currently available require a
compromise between: (i) the capability to accurately model the expected governing failure
mechanisms and to capture axial, flexure, and shear interactions, (ii) numerical efficiency,
and (iii) numerical stability and reliability. In order to select the most suitable approach to
conduct global analysis of non-ductile RC buildings, the various modelling approaches are
evaluated in Chapter 5 and the selected approach is adopted to conduct the assessment of

the archetypal buildings in Chapter 7.
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CHAPTER 5: EVALUATION OF NONLINEAR MACRO-MODELLING

METHODS FOR NON-DUCTILE RC BUILDINGS

5.1 INTRODUCTION

This chapter describes the approach adopted for modelling non-ductile building
components for the purpose of conducting global analysis in a macro-finite element
modelling space. Specifically, the modelling techniques described are to be implemented
in OpenSEES (McKenna et al, 2000), however, they may be adopted and modified as
necessary for other programs. The basis of any of the modelling methods involves defining
the cross-section of the components with fibre-sections to conduct sectional analysis or
using distributed plasticity elements. Therefore, this chapter begins by outlining the
material models adopted for defining fibre-sections and obtaining the critical points from
sectional analysis. Then, the specific modelling approaches used to simulate the response
of beam-column joints, columns and beams, and walls are evaluated and the approach to

be adopted for global analysis of the archetypal buildings in Chapter 7 is described.

5.2 DEFINING FIBRE-SECTIONS AND CONDUCTING SECTIONAL ANALYSIS

To define the response of fibre-sections, uniaxial material models need to be assigned to
describe the load-deformation response of the concrete and steel fibres. In this study the
concrete fibres are modelled using the Popovics (1973) uniaxial concrete stress-strain
material model which is available in OpenSEES as Concrete04 and the reinforcement bars
are modelled using the Giuffré-Menegotto-Pinto uniaxial material model (Menegotto &
Pinto, 1973) which is available as Steel02 model in OpenSEES. The hysteretic behaviour of
the material models is illustrated in Figure 5-1 and Figure 5-2. Both of these material
models are well established ones; they have been selected because of their versatility and
also because they generally provide better numerical stability in comparison to some of

the other material models available in OpenSEES.

When the simulated results for the overall behaviour of a specimen are compared with the
experimental results for that specimen, the material properties are based on the reported
values from the experiments (if these are available). The input parameters required for
the Concrete04 material model are given in Table 5-1. These parameters are either found
directly from material tests, or are determined using the equations given in Table 5-1. The
effect of confinement provided by the transverse reinforcement is accounted for by using

the Mander et al. (1988) model, although it is noted that the effect of confinement is
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minimal for non-ductile RC components and may be ignored, especially for assessment
purposes. In addition, unless stated otherwise, the criteria presented in Table 5-2 are used
to define the key points obtained from sectional analyses; these points are used in this

Chapter when comparing simulated results with experimental responses.

Strain

Figure 5-1: Concrete04 material model, adapted from McKenna et al. (2000)

Stress

A T

fyt

Strain

Figure 5-2: Steel02 material model without isotropic hardening, adapted from McKenna et al.

(2000) (where E; is initial stiffness and Ej, is post yield stiffness)
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Table 5-1: Input parameters adopted for Concrete04 material model for evaluating different

modelling approaches

Input parameter

Unconfined concrete

Confined concrete

Concrete compressive

strength

Strain at maximum
strength

Strain at crushing
strain

Elastic modulus

Maximum tensile

strength

Ultimate tensile strain

f;l

€0 = 0.002

& = 0.012 — 0.0001f,
(Reddiar, 2009)

E =5000,/f/
for = 0.6/f!
(As 3600: 2009)

& = 0.1¢,,

Confined concrete compressive strength:

fee = Kf¢

where K is the confinement factor according
to Mander et al., (1988)

€cco = €co(1+5(K — 1))

(Mander et al, 1988)

Eccu = DEcco + 0.004

(Reddiar, 2009)

E = 5000,/f/
for = 0.6,/f
(As 3600: 2009)

& = 0.1¢,,

Table 5-2: Criteria used to define critical moment-curvature points for evaluating different

modelling approaches

Critical point

Criteria

Cracking Moment

Yield Moment

Nominal Yield

Moment

Ultimate Moment

Extreme tensile concrete fibre stress equals the flexural tensile strength of

concrete (f,¢);

fet = 0.64/f/ in accordance with AS 3600:20009.

Extreme tensile steel fibre stress equals to the yield strength (f,), or when

the extreme compressive concrete fibre strain is equal to 0.002, depending

on whichever occurs first as suggested by Priestley et al. (2007).

Extreme tensile steel fibre strain equals to 0.015, or when the extreme

compressive concrete fibre strain equals to 0.004, depending on

whichever occurs first as suggested by Priestley et al. (2007).

The curvature at nominal yield is then calculated;

Is the point at which maximum moment is observed but it is also limited

to the following conditions, depending on whichever occurs first; when

the extreme tensile steel fibre strain equals to 0.1 (an approximation of

the ultimate tensile strain), or when the extreme compressive concrete

fibre strain equals to 0.006.
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5.3 MODELLING NON-DUCTILE BEAM-COLUMN JOINTS

The following subsection describes and evaluates the modelling approach for
incorporating the inelastic response of non-ductile beam-column joints. The approach is
similar to that suggested by Celik and Ellingwood (2008) which involves determining the
type of failure expected (B], CJ, or ]) to define the backbone response (discussed in Section
4.2.2.1). A single load-deformation relationship is used to define the shear panel response
and the bar-slip of bottom longitudinal beam bars. Hence, the approach is suitable for the
scissors model, although it can also be adopted for the continuum type elements to define
the response of the central spring and setting all other springs to behave as rigid links. The
definition of the load-deformation response and the comparison of the adopted approach

with experimental results are provided in the following subsections.

5.3.1 Load-deformation response

The following sections provide the methods used to determine the four critical points to
define the envelope response, as well as the hysteretic parameters required for the

Pinching4 uniaxial hysteretic model available in OpenSEES.

5.3.1.1 Point 1: shear cracking

The first point of the backbone is defined as the point at which shear cracking of the joint
initiates. The shear stress at this point can be calculated using Eq. 5-1 (Celik & Ellingwood,
2008).

=24 L 1+ 0.002 P b >
Tiher = (m) + 0. E

Where P is the axial load on the joint

Ay is the cross-sectional area of the column

(Note P/A, is in MPa)

5.3.1.2 Points 2 and 3: yield, ultimate or joint shear capacity

The definitions of the second and third points depend on the type of joint failure expected;
that is if yielding and ultimate capacity of the beams and the columns occurs prior to or
after joint shear strength is reached. This involves first determining if a column-sway or
beam-sway mechanism is expected via the sway potential index (S;). As discussed in
Section 4.2.2.1, S; > 0.85 is adopted to determine when the column-sway mechanism is

likely to occur.
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Once the sway mechanism is determined it is possible to calculate the corresponding
shear induced in the joint based on joint equilibrium. It is noted that for joints which have
poorly anchored bottom longitudinal beam bars, the positive yield and ultimate bending
capacity of the beam is reduced by multiplying the capacities by a, where « is 0.40 and
0.55 for exterior and interior joints, respectively. The reduction factor is used to account
for bar-slip as described in Celik and Ellingwood (2008). A summary of the procedure for
obtaining the shear stress induced in the joint due to beams reaching their yield and
ultimate capacities is provided in Table 5-3 and Table 5-4 for exterior and interior joints,
respectively. Some of the terms used to calculate the shear stresses are shown in Figure
5-3 which illustrates the internal and external forces acting on exterior and interior joints
due to beam yielding. A similar procedure is also followed if column-sway is expected,
however, the moment induced in the beams is calculated based on the yield and ultimate
bending capacity of the columns while ensuring that the moment induced in the beam

under positive bending is limited by the reduced capacity due to bar-slip.

J e S| L

" P
aM. .. 0 9 My

<
-
N §

Figure 5-3: Moment, shear and axial forces (in blue), and internal forces (in green) acting on an

exterior and interior joint
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Table 5-3: Procedure for calculating shear stress induced in exterior joints due to beam yielding

Positive envelope (beam under
sagging moment)

Negative envelope (beam under
hogging moment)

STEP 1

STEP 2

STEP 3

STEP 4

STEP 5

STEP 6

The positive and negative bending yield moments (M;y and M, ) are obtained from

sectional analysis conducted in OpenSEES. For joint subassemblages which include a
slab, the effective beam width (ber) is calculated according to AS 3600:2009 and the
top slab bars within the effective width are included.

Reduce the positive bending capacity of
poorly anchored bars to account for bar-
slip: aMy,,

Calculate the tensile force corresponding
to the beam moment (73,):
(Assume a constant level arm of 0.9d)

aM;,
Tb == by
0.9d

Calculate the shear induced in the
columns (V,,;):

Where n,,, is the number of columns
adjacent to the joint (i.e. 2 for floor joints
and 1 for roof level joints), and L.

is the column height.

Calculate the shear force acting on the
joint core (V;p):

Vin =Ty = Vear

Calculate the corresponding joint shear
stress (7;p,):

+
e

Where 4; is the joint cross-sectional area

calculated in accordance with
ACI 318 (2011)

My,
Ty = —2
> 0.9d
My, 2
Veor = — L_
Neot c
Vin =Tp = Vear
V.
— jh
Tjh. = A_
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Table 5-4: Procedure for calculating shear stress induced in interior joints due to beam yielding

Positive and negative envelope

STEP 1 Obtain the yield and ultimate positive and negative bending capacity (M;y and Mp,)
from sectional analysis similar to exterior joints.

STEP 2 Reduce the positive bending capacity of poorly anchored bars to account for bar-
slip: aMy,,

STEP 3 Calculate the compressive and tensile force corresponding to the beam moments

(Cp and Tp):

aMy,
b7 0.9d,

_ My

L= 0.9d,
STEP 4 Calculate the shear induced in the columns (V,,;):

aMy,+My, 2
col =—X
Neot LC
STEP 5 Calculate the shear force acting on the joint core (Vj3,):

Vih = Co+ Ty — Ver

STEP 6 Calculate the corresponding joint shear stress (7;;):
‘[':F/_ = ﬁ
jh A

J

The shear stress induced due to the beams or columns reaching their yield and ultimate
capacities is then compared to the joint shear stress capacity (Tjp,cqp)- If Tjncap is lower
than the induced shear stress due to beam or column yielding then shear failure of the
joint is expected and hence the second and third point on the backbone curve are limited
to Tjpcqp- As discussed in Section 4.2.2.2 there are many different empirically based
equations which approximate joint shear capacity. The more accurate approach of
obtaining the shear capacity directly from the strut and tie modelling approach is adopted
to reduce the dependency of the predicted strength on the database of joints considered to
develop the empirical based equations. The strut and tie modelling approach is similar to
that suggested in Hassan (2011) for exterior joints which can also be extended to interior
and roof level joints. A summary of the approach to compute 7jj, ¢4, is provided in Table
5-5. It is assumed that the contribution of ties to joint shear strength is zero since non-

ductile joints have no or few ties provided in the joint region.
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Table 5-5: Summary of adopted approach to calculate Tjp.cqp

Effective strut

compressive
strength:

feu=0Bs - fc

Diagonal
strut
capacity:

Dg = feuAger

Joint shear
strength:

th.cap
= D,.cos(0)

Joint shear
stress:
Tjh.cap
V]'h.cap

A;

Where:
% =0.85
Bs is the concrete softening coefficient,

Bs = ! in accordance with AS 3600:2009 for bottle-shaped strut

T 1+40.66c0t20;
0, is the strut angle (defined later)

A is the concrete strut area, Ay, = as. bj
b; is the effective joint width according to ACI 318 (2011)

as isthe strutdepth, a; = f; /alz,,C + a? . for exterior and interior joints,

[z a2
Apctacc
2

ap,c isthe compression zone depth of the beam, a;, = k.d, 5

for exterior roof joints

0.5
Pscdb,
k= <(pst + psc)znz + 2(pst + S;b bsc)n> - (pst + psc)n
,St

n  is the modular ratio (n = E—S, where E is the elastic modulus of steel, and
c

E, is the elastic modulus of concrete)

ps¢ 1S the ratio of the area of the longitudinal beam bars in tension to the beam

cross-sectional area

DPsc  is the ratio of the area of the longitudinal beam bars in compression to the

beam cross-sectional area

dp s¢ is the distance to the centroid of the tensile longitudinal beam bars from

the extreme compressive fibre

dp sc is the distance to the centroid of the compressive longitudinal beam bars

from the extreme compressive fibre
By =1-10.05x%0.145(f) —27.6) < 1.0

a.. isthe compressive zone depth of the columns (approximated using the

equation proposed by Paulay and Priestley)

T = (o.zs +0.85 (f" )) h, < 0.4h,

!
cAg

A, is the cross-sectional area of the columns
65 — tan_l (db,st - db,sc)
dc,st - dc,sc

d.s: s the distance to the centroid of the tensile longitudinal column bars from

the extreme compressive fibre

d.sc is the distance to the centroid of the compressive longitudinal column bar

from the extreme compressive fibre
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5.3.1.3 Point 4: residual capacity
The fourth point on the backbone corresponds to the residual capacity which is taken as

20 % of the maximum joint shear stress (7j; mqy) induced in the joint as suggested by Jeon

etal. (2015).

5.3.1.4 Summary of stress-strain backbone response

As discussed in Section 4.2.2.1, the selection of strain values proposed by researchers for
defining the backbone response is less dependent on joint design and detailing. Most
studies recommend average values based on experimental results, therefore the
recommendations are highly empirical and a variety of values are suggested by different
studies. If upper-bound strain values are utilised, the frame response is more flexible and
hence higher drifts demands are approximated. Thus this approach is suitable for
assessing frames forming part of the primary system since their performance is usually
determined by drift limits, that is, the drift is limited to prevent damage to non-structural
components. If lower-bound strain limits are utilised, the response is more rigid, and a
lower drift capacity of the frame is predicted. Since the aim of this study is to assess the
performance of frames forming part of the secondary structural system in which the drift
demands are dictated by the primary lateral force-resisting system, lower-bound shear
strain values are selected to give a conservative estimate of the deformation capacity of
the frames. Therefore, the strain values corresponding to the critical four points are based
on the recommendations provided in Jeon et al. (2015) which generally provide lower-
bound predictions in comparison to the other studies discussed in Section 4.2.2.1. A

summary of the critical stress-strain values adopted in this study is provided in Table 5-6.

5.3.1.5 Hysteretic response

The recommended values by Jeon et al. (2015) for exterior joints, provided in
Section 4.2.2.3, are adopted for defining the pinching, stiffness, and strength degradation
behaviour for the Pinching4 hysteretic model for both exterior and interior joints. Note
that the suggested values for interior joints were not adopted as they tend to over-predict

the strength degradation.
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Table 5-6: Definition of critical backbone points adopted in this study

Exterior joints Interior joints

Tina = Tjner Tina = Tjner

y1 = 0.00043 y1 = 0.00043

Tjnp = the smaller of Tj,,, and Tjp, cqp Tjnp = the smaller of T, and Tj, cqp
y, = 0.006 y, = 0.006

Tjn3 = the smaller of Tjn,, and Tjp cqp Tjns = the smaller of Tj,,, and Tjp cqp
y3 = 0.015 € or y3 = 0.020 ¢ or

ys = 0.010 0 ys = 0.015 D"

Tjna = 0.2Tjh max Tjna = 0.2Tjn max

Va=7s + Tjh.37—5Tjh.4 Ve =7s + Tin3 E;)ij

Tjhmax: 1S the smaller of 7j,,, and tj, ¢4y | C: for continuous longitudinal beam bars | D: for discontinuous or
poorly anchored longitudinal beam bars | * adopted in this study

5.3.2 Comparison between simulated and experimental results

To evaluate the validity of the proposed approach, the simulated and experimental
response of 12 non-ductile joints tested under quasi-static cyclic loading are compared.
The material, dimensional and loading properties of these joints are given in Table 5-7.
The joints selected in the literature have detailing that is consistent with how buildings
have been constructed in Australia. Furthermore, joints are selected which include various
factors that have been identified as ones that effect the joint response (discussed in
Section 3.4.1) in order to examine the suitability of the proposed approach. Namely, in
addition to variation in material properties, longitudinal reinforcement ratios, and axial
load ratio (ALR) under gravity loading, the following factors which affect the joint
response are included in some of the subassemblages considered:

e Poorly anchored bottom beam bars (for exterior and interior joints)

e Inclusion of slabs

e Inclusion of transverse beams

e Variation in axial load during lateral loading

e Rooflevel joints

Table 5-8 provides a summary of the predicted and experimental joint shear stress values
as well as the reported and predicted joint failure mechanisms. It can be seen that there is
a good agreement between the maximum shear stress experienced during the analysis and
those predicted by the proposed method. Furthermore, the prediction of the failure mode
corresponds very well with the reported failure mechanism for most of the joints

investigated.
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In Figure 5-4 the experimental and simulated shear force versus drift response of the 12
non-ductile beam-column joints is presented. In addition, a brief description of the
observed failure mechanism is provided with a photograph of the joint at final stage of
loading. In general, it is observed that the simulated results provide a very good
approximation to the results obtained during the experiment. The worst prediction of
maximum strength is for the Shafaei et al. (2014) specimen 3 when the beam is under
positive bending; that is, the bottom poorly anchored beam bars are under tension. The
prediction is approximately 80 % of the observed strength due to under prediction of the
ultimate positive capacity. This level of inaccuracy is acceptable for the purpose of global

analysis of RC buildings.

The joints tested by Hassan (2011) give a good representation of exterior corner joints in
buildings since the subassemblage includes the slab as well as beams in both directions.
Furthermore, the axial load ratio on the joints was varied during the application of the
lateral load in the experiment (reaching a maximum of approximately 45 % at shear
failure) to simulate the change in axial load ratio experienced by corner joints belonging to
the primary lateral load resisting system. It can be seen that while the proposed model
does not directly account for transverse beams and change in axial load (constant gravity
axial load was used for the simulated results) the prediction of the simulated response

matches well with the experimental results.

A limitation of the proposed model is that it does not directly predict the strain limits at
which axial load failure occurs. In most cases it can be seen that the joint is able to reduce
its lateral strength capacity by approximately 80 % without losing axial load carrying
capacity (i.e. reaching residual capacity as defined in the proposed approach). However,
there are exceptions, such as the Hassan (2011) UJ2 specimen which experiences axial
load failure at approximately 3.0 % drift; this corresponds to a strength reduction of only
43 % of the peak strength obtained during negative loading. The photographs provided by
Hassan (2011) of specimen UJ2 immediately before and after axial load failure illustrate
the sudden change in damage level experienced by the joint with a minor increase in drift.
This highlights the importance of being conservative in the prediction of axial load failure

especially for non-ductile beam-column joints as they are vulnerable to sudden failures.
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Table 5-7: Properties of non-ductile exterior and interior beam-column joints

No.

10

11

12

Specimen

Shafaei etal,, (2014)
Spec 2

Shafaei et al.,, (2014)
Spec 3

Pantelides et al.,
(2002) Unit 1
Pantelides et al.,
(2002) Unit 2
Pantelides et al.,
(2002) Unit 3
Pantelides et al.,
(2002) Unit 4
Hassan (2011) UJ1
(EW beam)

Hassan (2011) UJ2
(EW beam)

Megget (2003) Spec 5

Megget (2003) Spec 8

Pessiki et al.,, (1990)
Spec 7
Pessiki et al.,, (1990)
Spec 9

Joint

type

Exterior
Exterior
Exterior
Exterior
Exterior
Exterior

Exterior
(corner)

Exterior
(corner)

Exterior
(roof
level)
Exterior
(roof
level)
Interior

Interior

fe
(MPa)
23.3
24.7
33.1
30.2
34.0
31.6

30.0

30.5

33.6

40.4

32.5

34.6

Beam Column

p1 fy P1 fy
0.020 460  0.020 460
0.020 460 0.020 460
0.032 468 0.024 468
0.032 468  0.024 468
0.032 468  0.024 468
0.032 468 0.024 468
0.032 523  0.013 470
0.015 503/ 0.013 535

436

0.02 355 0.019 355
0.02 340 0.019 340
0.02 480  0.013 461
0.02 420 0.013 461

Joint aspect
ratio
(hh/hc)

1

1.67

1.5

1.5

Bottom Slab

beam
bar

D*

D*

included

Trans.
beam
included

N

N

Gravity
ALR
0.16
0.16
0.10
0.25
0.10
0.25

0.21

0.21

not applied

not applied

0.36

0.10

Axial
load
protocol
Constant
Constant
Constant
Constant
Constant

Constant

Varying

Varying

Constant

Constant

Axial
load
failure
reported
N

N

C: continuous | D: discontinuous | * bottom beam bars bent away from the joint core | N: no | Y: yes
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Table 5-8: Experimental and predicted joint shear stress and failure mechanism

No Specimen Experiment Prediction
Tjhmax* Tjhmax Failure Tjh.cap Tihy*  Tihy Tjhaut Tjhu  Failure
type type
1 Shafaei et al,, 3.38 3.77 Slip &] 3.93 3 3.48 391 4.45 Slip
(2014) Spec 2 and
BJ/J
2 Shafaei et al., 1.99 3.98 ] 411 1.35 1.57 3.92 446  Slip
(2014) Spec 3 and
BJ/)
3 Pentalides etal, 2.48 5.2 Slip 5.09 2.58 2.85 6.46 7.13  Slip
(2002) Unit 1 and ]
4 Pentalides etal, 3.34 5.06 Slip 5.35 2.57 2.84 6.42 7.1 Slip
(2002) Unit 2 and |
5 Pentalides etal, 5.04 4.94 ] (leads 5.2 6.47 7.13 6.47 713 ]
(2002) Unit 3 to axial
load
failure)
6 Pentalides etal, 4.99 5.18 ] (leads 5.52 6.44 7.11 6.44 711 ]
(2002) Unit 4 to axial
load
failure)
7 Hassan (2011) 4.96 6.50 ] (leads 5.27 594 6.7 5.99 6.15 ]
UJ1 (EW beam) to axial
load
failure)
8 Hassan (2011) 3.22 4.60 ] (leads 5.64 3.93 4.49 4.75 5.4 BJ
UJ2 (EW beam) to axial
load
failure)
9 Megget (2003) 1.33 2.43 | 2.45 1.26 2.82 1.45 3.19 Slip
Spec 5 and ]
10 Megget (2003) 1.53 2.54 ] 2.68 1.27 2.87 1.49 3.26  Slip
Spec 8 and ]
11  Pessikietal, 4.70 4.70 Slip & ] 4.75 6.43 6.88 6.43 6.88 ]
(1990) Spec 7 (&
damage
to top &
bottom
columns)
12 Pessikietal, 4.69 4.69 Slip &J 4.83 6.57 6.69 6.57 6.69 ]
(1990) Spec9 (&
damage
to top &
bottom
columns)

J: joint shear failure prior to yielding of beams/columns| B]: yielding of beams prior to joint shear failure
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Shafaei et al,, (2014) Spec 2

Joint shear failure observed prior to the beams
40

and the columns reaching their ultimate
capacity. Analysis is terminated prior to loss of 30

axial load carrying capacity of the joint. 20

Shear force (kN)

Experiment
Simulated

Shafaei et al., (2014) Spec 3

Joint shear failure and anchorage failure of
30

-0.05

0.05

0.1

poorly anchored bottom beam bar is observed.
Analysis is terminated prior to loss of axial 20

load carrying capacity of the joint. o

Shear force (kN)
=

-20
-30
-40 Experiment
Simulated
-50
0.1 -0.05 0 0.05 0.1
Drift
Pentalides et al., (2002) Unit 1
Joint shear failure and anchorage failure of
. 150
poorly anchored bottom beam bar is observed.
Loss of axial load carrying capacity of the joint 100
is not reported. o
£ o
5]
2 :
g -50
E‘; ro
£ -100 ;
150 o
-200 <, Experiment
Simulated
-250
0.1 -0.05 0 0.05 0.1

Figure 5-4 continued on next page
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Pentalides et al., (2002) Unit 2

Joint shear failure and anchorage failure of
poorly anchored bottom beam bars is
observed. Loss of axial load carrying capacity

of the joint is not reported.

Pentalides et al., (2002) Unit 3

Joint

shear

failure

is

observed which

eventually leads to axial load failure of the

joint.

Pentalides et al., (2002) Unit 4

Joint

shear

failure

is

observed which

eventually leads to axial load failure of the

joint.

150

100

50

==

Shear force (kN)
g

-100
-150
=200 | Experiment
N Simulated
-250
0.1 -0.05 ] 0.05 0.1
Drift
250
200

50

Shear force (kN)
g o

-100

-150

-200

-250

Experiment
Simulated

-0.1

250

-0.05

0.05

0.1

200

- -
o =] 53]
=] (=] =

Shear force (kN)
g o

-100

-150

=200

-250

Experiment
Simulated

0.1

-0.05

Figure 5-4 continued on next page
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Megget (2003) Spec 5

Joint shear failure occurs prior to the beam
reaching its yield capacity. Sudden strength
degradation (approximately 50 % of peak
strength) is observed under closing moment 30
(i.e. when the adjacent top longitudinal beam
bars are under tension). Axial load failure of
the joint is not reported.

40

Shear force (kN)

=30 Experiment
Simulated
-40
0.1 -0.05 ] 0.05 0.1
Drift
Megget (2003) Spec 8
Joint shear failure occurs prior to the beam 40

reaching its yield capacity. Sudden strength
degradation (approximately 50 % of peak
strength) is observed under closing moment 20
(i.e. when the adjacent top longitudinal beam
bars are under tension). Axial load failure of
the joint is not reported. A photograph of the
joint damage is not provided, although, it is
noted that the behaviour is very similar to

30

10

-10

Shear force (kN)
(=}

Megget (2003) Spec 5 which have very similar -20

detailing. Specimen 8 has deformed 30 Experiment

longitudinal bars whereas specimen 5 has Simulated

plain longitudinal bars. Y -005 D 0.05 0.1
Drift

Hassan (2011) UJ1 (EW)

Joint shear failure is observed which

eventually leads to axial load failure of the 200

joint at high drift levels (around 9.7 %). 150

100

Shear force (kN)
o 3

i
o
=

-150 4 |5 Experiment
Simulated
-200 y
0.1 -0.05 0 0.05 0.1

Figure 5-4 continued on next page
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Hassan (2011) UJ2 (EW)
Joint shear failure is observed which eventually
leads to sudden axial load failure of the joint at 300
relatively low drift levels (around 3.0 %).
200
Instantly before axial failure At axial failure
= 100
=
8
s 0
@
[18]
£
“ 100
-200
Experiment
Simulated
-300
0.1 -0.05 ] 0.05 0.1
Drift
Pessiki et al., (1990) Spec 7
Predominant failure mode is due to bar pull-out 200
of poorly anchored bottom longitudinal bars, and
significant shear cracking in the joint region. 150
Furthermore, significant damage to the columns 100
is also reported. z
o 50
[ =]
8
| @ 0
H r g
|‘.\ ‘_‘]ik.u 4__/m._H 0 50
tx: AR L DR
L F bl LY
= 1 -100 Experiment
Simulated
- -150
0.1 -0.05 ] 0.05 0.1
- Drift
Pessiki et al., (1990) Spec 9
Significant shear cracking in the joint region 150
occurred first followed by bar pull-out of poorly
anchored bottom longitudinal bars. Furthermore, 100
significant damage to the columns is also
reported. = 50
P 3
g
158l g o
. :
1 2
— I W .50
<t H, —-\: A
\1‘.~i-x\, “l,’ ¢ 100
R ; - 1 3 Experiment
FIRS .Y Simulated
' " -150
SR 0.1 -0.05 ] 0.05 0.1

Figure 5-4: Comparison of simulated and experimental response of non-ductile joints with a brief

description of the observed failure mechanism
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5.4 MODELLING OF NON-DUCTILE COLUMNS AND BEAMS

The following subsection describes and evaluates the various macro-modelling
approaches for simulating the response of non-ductile columns and beams. The focus is
primarily on accurately simulating the response of columns since they are particularly
vulnerable components in non-ductile frames and their failure can lead to global collapse
of buildings. However, the same modelling approach for columns can be adopted for the

modelling of the beams.

5.4.1 Selection of deformation limits

As discussed in Section 4.5, the response of non-ductile columns requires the definition of
deformation limits which are usually predicted by empirically based equations to
determine the degrading response of columns after ultimate bending capacity is reached.
The validity of the three models presented in Section 4.5 is examined in this section to
determine whether they are suitable for use in this study. The three models include:

e Model 1: Elwood and Moehle (2003)

e Model 2: LeBorgne (2012), LeBorgne and Ghannoum (2014)

e Model 3: Wibowo, Wilson, Lam, and Gad (2014), Wilson, Lam, and Gad (2015)

A database of 20 columns (details provided in Table 5-9), for which experimental results
are available in the literature, was compiled in order to compare the critical experimental
parameters with parameters calculated using the empirically based models. The columns
included in the database are representative of existing RC columns in Australia. The
purpose of comparing the models with a database compiled by the author was to reduce
bias and to examine the applicability of the three models for columns with various
detailing and loading conditions. Furthermore, it is noted that the failure mechanism of
some of the columns included in the database is governed by the flexural mechanism in
order to examine the applicability of the deformation limits not only for flexure-shear (FS)
governed columns but also flexure (F) governed columns. As noted previously, the critical
parameters in each model are in various forms and not directly comparable. Hence,
suitable calculations are performed to change the parameters so that they are directly
comparable, the following changes were made:
e The limit on rotation across the plastic hinge region (6;) in Model 2 was changed
to interstorey drift limit by adding the yield deformation component (where the

yield curvature was calculated using sectional analysis) to the plastic deformation.
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e The axial drift limit in Model 3 (8, 500,) was extended using linear interpolation to
the point at which the shear capacity had dropped to zero (i.e. §,) so that it was
easily comparable with Model 1 and experimental data.

e [t was not possible to change &, of Model 2 to §,, thus the drift at axial failure of

Model 2 cannot be directly compared with the other models.

A summary of the predicted and experimental drift ratios is provided in Table 5-10. The
drift at shear failure for Model 1 and 3, and the ultimate drift for Model 2, are compared
with experimental drift at ultimate strength in Figure 5-5. The experimental drift at 80 %
of the peak strength was not compared since this was not provided in all of the studies.
Note that it is expected that Model 1 and Model 3 will overestimate the drift in comparison
with the experimental result, since the predicted drift at shear failure for these models is
at 80 % of peak strength rather than at ultimate drift. However, this is not observed for

Model 3 which actually tends to under-estimate the drift.

The calculated drifts at axial load failure (§,), for Models 1 and 3, are compared with
experimental drifts at axial load failure in Figure 5-6. It is observed that Model 1 provides
a very good match with experimental results, whereas Model 3 tends to overestimate the
drift. It is important to note that the overestimation observed when using Model 3 may be
due to the adoption in this study of §, as the drift at axial load failure rather than §, 5q9,
which was used by Wibowo et al. (2014) when comparing their model to experimental
results. Also it is observed that Model 3 does not match well with the experimental results
at very low axial loads; see Table 5-10 for drift predictions for specimen Ul from
Saatcioglu and Ozcebe (1989) which was not included in Figure 5-5 and Figure 5-6. It is
not possible to directly compare Model 2 with experimental results in Figure 5-6;
however, based on the results shown in Table 5-10, it can be seen that the prediction for
6, tends to be significantly higher than §, for some columns, suggesting that the model
significantly over-predicts the drifts at axial load failure. Based on the comparison made
with the experimental results compiled in this study, Model 1 tends to provide the best
estimate of the critical parameters. Therefore Model 1 is adopted in this study to define

the deformation limits corresponding to shear failure and axial load failure.
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Table 5-9: Detail of columns included in the database for this study

No.

O 0 NN O Ul - W N =

O S e = St WY
O O N O Ul W N RO

20

Specimen

Sezen (2002) Spec 1
Sezen (2002) Spec 2
Sezen (2002) Spec 3

Sezen (2002) Spec 4

Lynn etal. (1996) 3CLH18
Lynn et al. (1996) 2CLH18
Lynn etal. (1996) 3SLH18
Lynn et al. (1996) 2SLH18
Lynn etal. (1996) 2CMH18
Lynn et al. (1996) 3CMH18
Lynn etal. (1996) 3CMD12
Lynn et al. (1996) 3SMD12
Ho and Pam (2004) 1A

Ho and Pam (2004) 2A
Fardipour (2012) Spec 1
Fardipour (2012) Spec 2
Fardipour (2012) Spec 3
Fardipour (2012) Spec 4
Saatcioglu and Ozcebe
(1989) U1

Saatcioglu and Ozcebe
(1989) U2

Failure
type

FS
FS
FS
FS
FS/S
FS/F
FS
FS/F
FS
FS/S
FS
FS

™

FS
FS
FS
FS/F

FS

ALR

0.15
0.60
0.25"
0.15
0.09
0.07
0.09
0.07
0.28
0.26
0.26
0.28
0.13
0.33
0.20
0.20
0.40
0.40
0.0

0.16

he
(mm)

457.2
457.2
457.2

457.2
457.2
457.2
457.2
457.2
457.2
457.2
457.2
457.2
325
325
300
300
300
300
350

350

be
(mm)

457.2
457.2
457.2

457.2
457.2
457.2
457.2
457.2
457.2
457.2
457.2
457.2
325
325
270
270
270
270
350

350

L
(mm)

2946.4
2946.4
2946.4

2946.4
2946.4
2946.4
2946.4
2946.4
2946.4
2946.4
2946.4
2946.4
3155.0
3155.0
2400.0
2400.0
2400.0
2400.0
2000.0

2000.0

a

3.2
372
3.2

372
3.2
3.2
3.2
BY
3.2
3.2
3.2
BY
4.7
4.7
4.0
4.0
4.0
4.0
2.9

2.9

fc
(MPa)

21.1
21.1
20.9
21.8
25.6
Sl
25.6
33.1
25.5
27.6
27.6
254
70.0
80.0
20.3
21.0
18.4
24.2
43.6

30.2

Longitudinal reinforcement

Transverse reinforcement

p1
0.0250

0.0250
0.0250

0.0250
0.0304
0.0194
0.0194
0.0194
0.0194
0.0304
0.0304
0.0304
0.0086
0.0238
0.0056
0.0100
0.0100
0.0056
0.0320

0.0320

fy (MPa)

434
434
434
434
331
331
331
331
331
331
331
331
531
522
527
515
515
527
430

453

fu(MPa) Type

645
645
645
645
496
496
496
496
496
496
496
496
648
663
NA

NA

NA

NA

NA

NA

@]

OO0 0O0O000 unoon0nn o0 00

Pt
0.0020

0.0020
0.0020

0.0020
0.0007
0.0007
0.0007
0.0007
0.0007
0.0007
0.0017
0.0017
0.0018
0.0031
0.0007
0.0007
0.0007
0.0007
0.0030

0.0030

fyt (MPa)

434
434
434
434
400
400
400
400
400
400
400
400
357
357
365
365
365
365
470

470

s (mm)

305
305
305

305
457
457
457
457
457
457
304
304
175
100
300
300
300
300
150

150

L: double curvature column height | a: shear span to column depth ratio | * initial ALR, axial load varied during lateral loading | C: continuous bars | S: spliced bars
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Table 5-10: Experimental and calculated drift ratios using the three models

Specimen Experiment Model 1 Model 2 Model 3

Su 8a 8s 8a 8s 8a 8a Or Su &r
50%

Sezen (2002) 0.019 0.050 0.025 0.055 0.016 0.034 0.060 0.014 0.015 0.237
Spec1
Sezen (2002) 0.009 0.019 0.013 0.022 0.011 0.018 0.032 0.006 0.006 0.237
Spec 2
Sezen (2002) 0.009 0.029 0.022 0.042 0.011 0.018 0.032 0.006 0.006 0.237
Spec 3
Sezen (2002) 0.021  0.055 0.025 0.055 0.016 0.034 0.060 0.014 0.015 0.237
Spec 4
Lynn et al. 0.010 0.021 0.025 0.035 0.018 0.034 0.064 0.012 0.013 0.270
(1996)
3CLH18
Lynn et al. 0.026  0.031 0.025 0.035 0.018 0.046 0.088 0.013 0.014 0.224
(1996)
2CLH18
Lynn et al. 0.010 0.036 0.025 0.035 0.018 0.034 0.064 0.012 0.013 0.270
(1996)
3SLH18
Lynn et al. 0.021  0.036 0.025 0.035 0.018 0.046 0.088 0.013 0.014 0.224
(1996)
2SLH18
Lynn et al. 0.010 0.010 0.018 0.014 0.009 0.013 0.019 0.006 0.006 0.230
(1996)
2CMH18
Lynn et al. 0.010 0.021 0.019 0.015 0.009 0.013 0.021 0.007 0.007 0.268
(1996)
3CMH18
Lynn et al. 0.016  0.023 0.021 0.029 0.013 0.023 0.040 0.010 0.011 0.247
(1996)
3CMD12
Lynn et al. 0.016  0.021 0.020 0.029 0.012 0.021 0.037 0.010 0.010 0.255
(1996)
3SMD12
Ho and Pam 0.018 0.050 0.030 0.023 0.023 0.047 0.086 0.017 0.020 0.215
(2004) 1A
Ho and Pam 0.014 0.025 0.027 0.015 0.016 0.028 0.047 0.013 0.016 0.174
(2004) 2A
Fardipour 0.017  0.050 0.024 0.021 0.020 0.035 0.062 0.009 0.011 0.046
(2012) Spec 1
Fardipour 0.017 0.025 0.022 0.021 0.017 0.027 0.045 0.009 0.011 0.021
(2012) Spec 2
Fardipour 0.011 0.015 0.016 0.013 0.007 0.010 0.015 0.006 0.008  0.005
(2012) Spec 3
Fardipour 0.010 0.015 0.017 0.010 0.006 0.010 0.016 0.006 0.008 0.069
(2012) Spec 4
Saatcioglu 0.046  0.085 0.033 0.104 4.29 10.71 21.42 0.022 0.0219 0.217
and Ozcebe
(1989) U1
Saatcioglu 0.032  0.057 0.026 0.055 0.020 0.038 0.068 0.017 0.017  0.235
and Ozcebe
(1989) U2
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Figure 5-5: Comparison of drift at ultimate strength or at shear failure
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Figure 5-6: Comparison of drift at axial load failure

5.4.2 Distributed plasticity approach

Initially the state-of-the-art approach of using distributed plasticity elements in
conjunction with limit state materials for modelling the shear degradation of columns is
examined to model the response of non-ductile columns. The element configuration
recommended in LeBorgne (2012) is adopted, which includes explicit modelling of the
flexural, bar-slip and shear response as presented in Figure 5-7. The plastic hinge region is
modelled with a force-based distributed plasticity element with a length equal to the

depth of the column (h.) and with two integration points. This is done to restrict the

[156 |



Chapter 5: Evaluation of nonlinear macro-modelling methods for non-ductile RC buildings

plastic rotations to the end of the columns and to allow the monitoring of the rotation
within the hinge region. The remaining portion of the column (i.e. L — 2h,) is modelled
with a single force-based distributed plasticity element with four integration points. It is
noted that the fibre-sections are defined using material models discussed in Section 5.2.
The shear response is modelled with a single shear spring at each end of the column and
the behaviour is defined using the Pinching Limit State Material model. The deformation
limit states are calculated using Model 1 (Elwood and Moehle, 2003) with suitable
calculations to convert the interstorey drift limits to rotational limits within the plastic
hinge region. Furthermore, bar-slip is modelled by using a zero-length fibre-section at

each end of the column.

N6 Shear spring with
T 1 . . ..
Zero length @D pinching limit state
_i‘ NG & material model
he v Zero-length fibre
Ne & section for bar-slip
.. Force-based
L-hc [ oo mme o = distributed
plasticity elements
T N3 o Zero-length fibre
h ‘;" section for bar-slip
C
‘1‘ N2 o Shear spring with
Zech)-length N1 CC.D ' “ pinching limit state

material model

Figure 5-7: State-of-the-art column element modelling technique for distributed plasticity
approach

To examine the validity of the state-of-the-art modelling approach, simulated results are
compared with experimental results for four full-scale columns for which testing were
conducted until axial load failure. All of the four columns were reported to exhibit a
flexure-shear failure mechanism. A comparison of the experimental results and the
simulated results is shown in Figure 5-8. The blue broken line illustrates the response
obtained using the state-of-the-art modelling technique. The red line represents the
monotonic response obtained if only the flexural behaviour of the column is considered. In
addition, critical flexural response points have also been indicated on the simulated

results in Figure 5-8, including:
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i.  Initial yielding of longitudinal reinforcement bars
ii.  Initiation of spalling (i.e. when the extreme compressive concrete fibre strain
reaches 0.003)
iii. Buckling of longitudinal bars, approximated by the buckling strain suggested by
Moyer and Kowalsky (2003):

Ks -2.5 Eq. 5-2
&p =3 <_)
dp

Where K  is the effective length factor which may be
taken as 1.0

It is observed that the simulated results match well with experimental results. The
importance of incorporating the shear spring is evident for columns with lower axial loads
such as Sezen (2002) Spec 1 and Lynn et al. (1996) 2CLH18, since the sudden strength and
stiffness degradation would have not been simulated with the distributed plasticity
elements. For columns with higher axial loads such as Sezen (2002) Spec 2 and Lynn et al.
(1996) 2CMH18, it can be seen that the drift at which buckling of bars is expected
according to Eq. 5-2 approximately corresponds to when instability in the model is
observed, as illustrated by the sudden drop in the shear force. The instability in the model
is due to the fact that when the deformation limit is reached, the degrading slope of the
shear spring is very steep since the drift at shear and axial load failure are similar. In fact
for Lynn et al. (1996) 2CMH18 the predicted drift at axial failure is lower than the drift at
shear failure, and thus the column suddenly loses its ability to resist lateral and gravity

loading (as observed during the experiment as well).

Even though it was possible to simulate the experimental results well for the four columns
shown in Figure 5-8, just a slight change in a parameter, for example a material property,
for the same columns often led to numerical instability issues. One potential reason for
this may be due to the multiple solutions which are possible for the limit state material
model when flexural degradation occurs prior to the deformation limit at which shear
strength degradation initiates (described in Section 4.5). Due to the computational and
numerical issues associated with the distributed plasticity approach the lumped plasticity

approach is investigated; the findings are presented in the next section.
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Figure 5-8: Comparison between simulated and experimental shear force versus drift response of

columns

5.4.3 Lumped plasticity approach

The following section describes the lumped plasticity approach used to model the
response of flexure-shear critical members. The suggested element configuration is
provided in Figure 5-9. The method involves incorporating the inelastic flexural response,
bar-slip, and shear response into a zero length moment-rotation spring located at each
end of the column. The following subsection describes the key steps required in defining
the envelope load-deformation response and hysteretic behaviour of the spring. The
discussion is mainly with respect to columns; however, the same modelling approach is

also appropriate for beams.
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Figure 5-9: Proposed column element configuration for lumped plasticity approach

5.4.3.1 Load deformation response

Hysteretic models available in OpenSEES have a maximum of four critical points which can
define the envelope response. Therefore the envelope response of columns and beams is
to be idealised by using four critical points: (i) initiation of cracking, (ii) nominal yield, (iii)
ultimate capacity and initiation of lateral strength degradation, and (iv) axial load failure.
This is illustrated in Figure 5-10, where Figure 5-10(a) represents the global response of a
column, and Figure 5-10(b) illustrates the backbone definition required for each of the
zero length springs in Figure 5-9. It is noted that since a single rotational spring is located
at each end of the column, the definition of the backbone for each spring is obtained by
considering half the column height of the double curvature column (i.e. the shear span, a).
The definition of the critical points and the hysteretic behaviour is discussed in the

following subsections.
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Figure 5-10: Idealised moment-rotation response of columns: (a) Global response, (b) Proposed

backbone response for zero length springs

54311 Cracking

The cracking moment (M,,-) is obtained from sectional analysis as described previously in
Section 5.2. The rotation for the backbone response of the spring is set to zero since the
rotation will be achieved by the elastic beam-column element since the springs and the

elastic beam-column element are positioned in series.

54312 Nominal yield
The nominal yield bending capacity (My) and curvature (¢, ) are obtained from sectional

analysis as described previously in Section 5.2.
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The flexural displacement corresponding to the nominal yield may be calculated according
to Eq. 5-3, which corresponds to the first moment of area of the curvature profile
assuming a linear profile.

a? Eq. 5-3
Aflex: ? d)ny

To improve the prediction of the flexural displacement at yield, the first moment of area of
the curvature profile is calculated by accounting for the change in the linear profile from

cracking curvature to nominal yield curvature and the fixed end of the column.

The slip displacement is calculated according to Elwood and Moehle (2003) discussed in

Section 4.4 and is provided again in Eq. 5-4.

_ afydrPny Eq. 5-4
Aslip_ Su
e

The shear displacement is calculated using Eq. 5-5.

My Eq. 5-5
Ashear= 5
g G4y

Hence, the rotation at nominal yield required to define the moment-rotation backbone is

given by Eq. 5-6.

0 _ Aflex + Aslip + Ashear MN a Eq- 5-6
ny_back — a - E_Ig X §
Where E s the elastic modulus of concrete
I, is the gross second moment of area of the
column (or beam)
54313 Ultimate capacity and drift at shear failure

The ultimate bending capacity (M,) is obtained from sectional analysis as described
previously in Section 5.2. In addition, the moment corresponding to the ultimate shear
capacity () of the column is also calculated. The maximum moment for the backbone
(M,,,45) is defined as the smaller of M, or V,, X a. The ultimate shear capacity is calculated

according to Sezen and Moehle (2004):

V, = Ve + Vs Eq.5-7
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Where . isthe concrete contribution to shear strength
calculated according to Eq. 5-8
Vs isthe transverse reinforcement contribution
to shear strength calculated according to Eq.

5-9

_ 0_5\/? P Eq. 5-8
Vie = 1+———084,
a/d 0.5\f/A,
_Asvfyed Eq. 5-9

uc s

The corresponding drift at which M,,,,, occurs is defined as the drift at which shear failure
occurs since the hysteretic model in OpenSEES is limited to a maximum of four critical
points. The drift at shear failure is defined according to Model 1, Elwood and Moehle

(2003) provided in Section 4.5 and is provided again for convenience in Eq. 5-10.

1 v 1 P 1 Eq.5-10
o0t " T w0 2
100 40\/? 40 Ayfc — 100

65 =

Hence, the rotation at shear failure required to define the moment-rotation backbone for

the spring is given by Eq. 5-11.

M a Eq.5-11
es_back = 55 - (#‘:x X §>
54314 Drift at axial load failure

The bending capacity at axial load failure is set to zero.

The drift at axial load failure is calculated according to Model 1, Elwood and Moehle

(2003) provided in Section 4.5 and is provided again in Eq. 5-12.

5 = 4 1+ (tan6,,.)? Eq.5-12
¢ 100 ( S )
tan@ + P
an Asvfytdct tan 6.,

The global degrading slope for half the double curvature column (Kéeglg*) is then

calculated:
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Kt * — Vmax Eq 5-13
9.9~ §5.a—85a

Where Vmax is the smaller of % and V,

Then, the degrading slope for the rotation spring (K;geg,6 pack) may be calculated:

-1
1 1 ) Eq.5-14

t — _
Kdeg.G_back - (Kt ¥+ K_
deg,f el

Where _ 3El,

Hence, the displacement at axial load failure at mid-height of the double curvature column

(A;") excluding the elastic deformation experienced by the beam-column element is:

Eqg. 5-15

Vmax

*
A, = + Gs_back Xa

Kdeg,G_back

Finally, the rotation at axial load failure for the rotational backbone for the spring may be
calculated:

A Eq.5-16
Oa_back = —
It is noted that if the drift at shear failure is predicted to be higher than the drift at axial

load failure (i.e. &5 > d,) then the drift at shear failure is set to the drift at axial load

failure.

54315 Hysteretic behaviour

The main challenge of using a four point rather than a three point backbone envelope is
the definition of the hysteretic parameters required for the Pinching4 model in
comparison to other hysteretic models which require significantly fewer parameters to
define the hysteretic response. The parameters adopted to define the hysteretic behaviour
of the columns and beams are based on the parameters used for the beam-column joints
with minor changes to improve the match with experimental results. A summary of the
parameters is provided in Table 5-11. The pinching parameters rForce and rDisp have
been calibrated based on the database of columns considered in this study since it was
observed that the values were dependent on the axial load ratio (ALR). Hence, Eq. 5-17 is

suggested to calculate rForce and rDisp:
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rForce = rDisp = 0.33378e™37764ALR for ALR < 0.4 Eq.5-17

rForce = rDisp = 0.1 for ALR = 0.4

Table 5-11: Recommended Pinching4 parameters for the modelling of column and beam response

Pinching parameters rDispP  rForceP uForceP  rDispN rForceN uForceN
Eq.5-17 Eq.5-17 0.0 Eq. 5-17 Eq.5-17 0.0
Cyclic unloading stiffness gK1 gK2 gK3 gk5 gKlim
degradation parameters
0.95 1.0 0.1 0.0 0.95
Cyclic reloading stiffness gD1 gD2 gD4 gD4 gDlim
degradation parameters
0.35 0.0 0.15 0.0 0.95
Cyclic strength gF1 gF2 gF3 gF4 gFlim
degradation parameters
0.05 0.0 0.32 0.0 0.25
5.4.3.2 Comparison between experimental and simulated results

Figure 5-11 compares the experimental and simulated column shear force versus drift
response for 10 of the columns included in Table 5-9 with a brief description of the failure
mechanism and a photograph of the specimen at the final stage of lateral loading. The
simulated results are obtained using the proposed lumped plasticity modelling approach,
and both the cyclic and monotonic envelope response is provided. The columns have been
selected such that a wide range of axial load ratios are considered (varying from 7 to
60 %), since axial load ratio has been identified to be a critical parameter in determining
the drift capacity of the columns, especially for calculating the drift at axial load failure.
Furthermore, one of the columns included had varying axial load applied during the
experiment (specimen 3 tested by Sezen (2002)). In general, the simulated results
illustrate a good match with experimental testing. The first four columns provided in
Figure 5-11 correspond to the same columns simulated in Section 5.4.2 using the
distributed plasticity approach. It can be seen that the accuracy achieved (at a component
level) using the lumped plasticity approach is acceptable and comparable with that
achieved using the distributed plasticity approach. A good match is also observed between
the simulated and experimental results for specimen 3 tested by Sezen (2002) for which
the applied axial load to the column was varied between -250 kN and 2670 kN. The

adopted lumped plasticity approach does not account for the change in axial load applied
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and thus the simulated results for specimen 3 (Sezen, 2002) were obtained by applying
the initial axial load of 1112 kN (corresponding to an axial load ratio of 0.25). Although
there is a good match in this particular test, the inability of the lumped plasticity model
adopted in this study to account for a variation in the axial force, may lead to inaccuracies
when trying to model other test results in which the axial force varies. The remaining 10
columns in Table 5-9 have also been modelled using the lumped plasticity modelling
approach and the results are given in Appendix C. For most of these columns a
conservative response is simulated in comparison to the experimental results. The
conservatism predominantly stems from the equations used to define the deformation
limit at shear and axial load failure (discussed in Section 5.4.1) and therefore it is not
dependent on the modelling approach (i.e. lumped plasticity or distributed plasticity

approach).

In addition, as discussed in Section 4.3.1, the lumped plasticity approach ensures
computational efficiency and, more importantly, numerical stability when compared with
the distributed plasticity approach. In simulations carried out here using both approaches
to model the response of the columns at a component level, and also to model the
response at a system level when these approaches were adopted to create 2-dimensional
building models (discussed further in Section 5.4.3.3), the same general trend was
observed, that is, the lumped plasticity approach proved to be robust and reliable relative
to the distributed plasticity approach. In particular, when using the distributed plasticity
approach, it was not possible to obtain numerical stability for the system response after
the shear deformation limit of the columns was reached. Numerical efficiency, reliability
and stability are particularly important for the development of nonlinear building models
for which analysis needs to be conducted up to the collapse limit state. Therefore, the
lumped plasticity approach is adopted for the assessment of the archetypal buildings in

Chapter 7.
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Sezen (2002) Spec 1

The column was loaded with a medium axial
load ratio of 15 %. The column failed in a
flexure-shear manner. Initially flexural cracks
were formed in the hinge regions, but with
increased lateral deformation an inclined
crack was formed at mid-height of the
column. The opening of this crack led to the
failure of the column. No buckling or
fracturing bars was observed.

Sezen (2002) Spec 2
The column was loaded with a very high axial
load ratio of 60 %. Initially flexural cracks
formed in the hinge regions. Increase in
lateral deformation caused a steep inclined
crack to form within the upper part of the
column which led to the opening of column
ties and buckling of longitudinal bars,
resulting in a sudden loss of lateral and axial
load carrying capacity.

Lynn et al. (1996) 2CLH18

The column was load with relatively low axial
load (ALR of 7 %). Significant flexural
response was observed at the initial part of
the lateral loading, however, based on the
crack pattern towards the end of the loading
the dominant failure mode reported was
shear.
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Lynn et al. (1996) 2CMH18

The column was loaded with a very high axial
load ratio of approximately 30 %. Sudden
loss of both lateral and axial load carrying
capacity was observed after the yielding of
longitudinal reinforcement bars.

Lynn et al. (1996) 2SLH18

The column was loaded with a relatively low
axial load ratio of 7 % with splices located at
the bottom end of the column. Initially
significant flexural response was observed,
but with increasing lateral load, shear cracks
formed just above splice region which
eventually led to the failure of the column.

[ S ‘-_‘

Sezen (2002) Spec 3
The column was initially loaded with an axial
load ratio of 25 %, however the axial load
applied varied during lateral loading. Crack
formation was mainly near the top and
bottom of the column. Inclined cracks formed
with increasing lateral load and eventually
the column failed due to buckling of bars and
spalling of the concrete core.
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Sezen (2002) Spec 4

The column was loaded with a medium axial
load ratio of 15 %. Cyclic loading was applied
until yielding of longitudinal bars and then
monotonic loading was applied until failure.
Inclined cracks were observed near the top
and bottom of the column during cyclic
loading. Under monotonic loading, an
inclined crack formed at the bottom and led
to failure of the column including buckling of
longitudinal bars and column tie failure.

Before axial load failure After axial load failure

Lynn et al. (1996) 3CMD12

The column was loaded with an axial load
ratio of 26 %. The longitudinal reinforcement
ratio was relatively high at 3 % and improved
column tie detailing was provided with a
transverse reinforcement ratio of 0.17 %.
Vertical cracks were observed during the
loading indicating debonding of longitudinal
bars. Ultimate failure of the column was due
to an inclined crack which formed at the top
of the column.

Saatcioglu and Ozcebe (1989) U1

No axial load was applied to the column, thus
the behaviour of the column may be
considered to be representative of beams.
Both flexural cracks were
observed, and ultimate failure of the column
was due to crushing of the concrete core.
However loading was not applied up until
axial load failure.
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Saatcioglu and Ozcebe (1989) U1

The column was loaded with a medium axial 300 —
load ratio of 16 %. Both flexural and shear f
cracks were observed, and ultimate failure of 2001

the column was due to disintegration of the
concrete core. Loading was not applied up

-
(=]
(=]

until axial load failure; however it was
observed that the lateral load resistance
approximately approached zero.
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Figure 5-11: Comparison of simulated and experimental response of non-ductile columns with a

brief description of the observed failure mechanism

5.4.3.3 Comparison between distributed and lumped plasticity approach

To provide a comparison of the effect on the global frame response of using the distributed
and plasticity approaches for modelling column and beam members, a five storey RC
frame is modelled using these approaches. The pushover analysis results are presented in
Figure 5-12. The results for the distributed plasticity model have been obtained using the
state-of-the-art approach described in Section 5.4.2, and it is assumed here that this
approach provides a benchmark against which other results can be compared. Two
modelling methods are adopted for the lumped plasticity approach. The first approach
uses four points to define the moment-rotation backbone as described in Section 5.4.3.1.
The second approach uses three points to define the moment-rotation backbone. The
results from the approach of using three points to define the moment-rotation response
are presented here since it is the usual approach adopted in other studies and codes that
use the lumped plasticity approach to model frame components (ASCE/SEI, 2013;
Haselton et al., 2016). The first point of the backbone is defined as the yield or nominal
yield rather than cracking and therefore it results in a poor estimation of the initial
stiffness of the frame. This is clearly seen in the results presented in Figure 5-12. The
initial stiffness of the frame using the lumped plasticity approach matches much better to
the distributed plasticity approach when four points rather than three are used to define
the backbone response of the rotation spring elements. Furthermore, it is evident that the
ultimate shear capacity of the frame is approximately the same using all three modelling
approaches. However, the response varies between the lumped plasticity and distributed

plasticity approaches in terms of the drift limits reached. The analysis conducted using the
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distributed plasticity approach stops at approximately 2.5 % roof drift which corresponds
to the point in the analysis for which the first column reaches the shear deformation limit.
The model does not continue due to numerical convergence issues and this illustrates the
limitations of using the distributed plasticity approach for the purpose of global collapse
analysis of buildings. The comparison between the different modelling approaches
confirms the suitability of using the lumped plasticity approach as defined in Section
5.4.3.1; hence this approach is to be adopted in this study for the assessment of the non-

ductile frames.
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Figure 5-12: Pushover analysis of a 5-storey RC frame using different column modelling

approaches

5.5 MODELLING OF NON-DUCTILE WALLS

The global analysis of RC walls which has been conducted in the literature has included
walls with sufficient longitudinal reinforcement to cause distributed cracks to form in the
plastic hinge region, and walls which typically have had a hardening response. Therefore,
the failure of the walls has usually been determined during the post-processing phase of
the analysis based on drift limits. This approach is suitable for walls (and in general
buildings) which have ductile detailing because side-sway collapse is expected to occur
prior to significant loss of lateral and axial load carrying capacity of the walls and the other
building components. Hence, there are three key issues, which are predominantly
associated with the response of non-ductile walls that have not been thoroughly

addressed in the literature. Firstly, there are very few studies (Pugh et al., 2015; Scott &
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Fenves, 2006) which have addressed the issue of localisation associated with distributed
plasticity elements when a softening response is simulated. Secondly, there are minimal
references which use strain limits (or curvatures) during the analysis to determine
various performance limits (Fox et al., 2015), and these have not been explicitly validated
with experimental results. The accurate simulation of strains is particularly important for
the collapse modelling of buildings to ensure that the loss of lateral load carrying capacity
(which may eventually lead to the loss of axial load carrying capacity) of the building is
simulated at accurate deformations. Thirdly, there are no studies (to the knowledge of the
author) in which global analysis has been conducted on structural systems that include
lightly reinforced walls which form a single crack at the base with little secondary cracking

when subjected to lateral loading.

To address the issues discussed above, the state-of-the-art modelling approaches using
distributed plasticity elements are examined in the following subsections. Furthermore,
due to the numerical instability issues related to distributed plasticity elements, in
particular for modelling lightly reinforced non-ductile walls, the lumped plasticity
approach is also investigated. Finally, the system response of interconnected walls is
examined for the type of walls to be assessed in this study to determine which of the

modelling methods is most suitable.
5.5.1 Distributed plasticity approach

5.5.1.1 Modelling of rectangular walls

To demonstrate the issues related to strain localisation and the dependency of the strains
developed at the critical section on the number of integration points, simulated results are
compared with experimental results for specimen WSH4 tested by Dazio et al. (2009) and
specimen R1 tested by Oesterle et al. (1976), shown in Figure 5-13 and Figure 5-14,
respectively. The response of each rectangular wall is modelled with a single force-based
distributed plasticity element, using 3, 4, 5 and 7 integration points (IPs). The fibre-
sections are defined using the approach discussed in Section 5.2. To illustrate the
magnitude of the strains developed at the critical section, the following steel strain limits
have also been plotted on the monotonic response of the walls:

e The compressive strain of the most extreme reinforcement reaching a value of
0.004, which, assuming perfect bond, coincides approximately with spalling of the
cover concrete.

e The tensile strain of the most extreme reinforcement reaching 60 % of the

reported ultimate tensile strain (0.6¢g,). The tensile strain limit is set to 0.6¢g, to
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account for the reduction in ultimate strain capacity due to the effects of cyclic
loading, including low-cycle fatigue (since buckling is not modelled), and tension
shift effects as suggested by Priestley et al. (2007).

These strain limits provide an indication of when the ultimate capacity of the critical

section has been reached, that is, the point prior to significant lateral strength degradation.

(a) (b)
500 500 -
Experiment Experiment
— — — Simulated cyclic 3IPs — — — Simulated cyclic 41Ps
400 Simulated mono 3IPs . 400 Simulated mono 41Ps.
®  Tensile strain limit iy ®  Tensile strain limit
300 ©  Comp. strain limit 1 300 ©  Comp. strain limit <y
200 - 200 +
Z z
=< 100t X 100t
@ @
S o
i=] 0 K] ]
& @
L 1o00r 2 100r
W w
-200 + -200
-300 + -300 -
-400 - -400
00 -500
-0.03 -0.02 -0.01 0 om 0.02 0.03 -0.03 -0.02 -0.01 o 0.01 0.02 0.03
Drift Drift
(0) (d)
500 T 500 -
Experiment Experiment
— — — Simulated cyclic 5IPs — — — Simulated cyclic 7IPs
400 Simulated mono 5IPs 400 Simulated mono 7IPs
®  Tensile strain limit ®  Tensile strain limit
300 ©  Comp. strain limit 9 300 ©  Comp. strain limit //
200 - 1 200
z z
= 100} = 100
@ @
e o
g 0 s 0
o =
S [}
© 00t £ o0
w w
-200 -200
=300 -300
-400 -400
-500 0
-003 0.02 0.01 o oM 0.02 003 -0.03 -0.02 0.01 o 001 0.02 003
Drift Drift

Figure 5-13: Simulation of softening wall response with different number of IPs: (a) 3 IPs, (b) 4
IPs, (c) 5 IPs, and (d) 7 IPs
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Figure 5-14: Simulation of hardening wall response with different number of IPs: (a) 3 IPs, (b) 4
IPs, (c) 51Ps, and (d) 7 IPs

It can be seen in Figure 5-13 that a softening response is simulated for specimen WSH4,
and hence the shear force-drift response is highly dependent on the number of integration
points selected. Higher strains are developed at the critical section when a higher number
of integration points are used, thus reducing the estimated displacement capacity of the
walls. In this case the lowest number of integration points (IP = 3) provides the most
accurate response because it is likely that the weight of the first integration point
corresponds to the plastic hinge length of the wall (as discussed in Section 4.3.2.3). Figure
5-14 illustrates that a hardening response is simulated for specimen R1 (it is noted that
minor softening is observed for 41Ps, 5IPs and 71Ps), and therefore it can be seen that the
global response (i.e. shear force versus drift) is not sensitive to the number of integration

points selected. It is important to note that the strains at the critical section are also to
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some extent dependent on the number integration points, however, the sensitivity of the

strains developed decreases as the number of integration points increases.

In order to overcome the issues related to strain localisation and the dependence of the
strains developed on the number of integration points, it has been suggested that the
response of walls be modelled such that the element length and weight of the IPs account
for the expected length of the plastic hinge. This is the basis of the force-based distributed
element with hinges developed by Scott and Fenves (2006). This element is particularly
useful for modelling columns and beams since hinges are placed at both ends of the
element. However, the inelastic behaviour of the walls is likely to be concentrated at the
base of the walls, therefore explicit modelling of the plastic hinge region is predominately
required for the base of the wall. Therefore, two methods are suggested for the explicit
modelling of the hinge region:

i.  Method 1: A single force-based element with two integration points to be placed at
the bottom of the wall with a length equal to twice the expected plastic hinge
length. When two integration points are specified, the default weight of the first
integration (using the Gauss-Lobatto Integration method) point is half the element
length and hence a constant curvature distribution of the critical section (i.e. at the
bottom of the wall) will be integrated over the plastic hinge region of the wall.

ii.  Method 2: A single force-based element with two integration points to be placed at
the bottom of the wall where the weight of the integration point can be controlled
by the user and it is set such that it equals to the equivalent plastic hinge region.
This option is available in OpenSEES by using the Low Order Integration method.

Schematics of the proposed modelling techniques are given in Figure 5-15. The two
approaches provide very similar responses, since the response is controlled by the
integration of curvature at the critical section which is the same length using both
methods, that is, the equivalent plastic hinge length. The second approach is
recommended here for cases when the length of the plastic hinge is greater than half the
storey height of the building. It is noted that a similar approach of specifying the bottom
element length such that it is related to the expected plastic hinge length has also been
suggested by Fox et al. (2015) for displacement-based distributed plasticity elements.
However, the use of force-based distributed elements is suggested here due to the

advantages discussed in Section 4.3.2.2.
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Figure 5-15: Modelling techniques for accurately simulating the flexural response of rectangular

walls: (a) Method 1, (b) Method 2

The explicit modelling of the plastic hinge region also allows an increased accuracy to be
achieved when modelling lightly reinforced RC walls. The reduced displacement capacity
of lightly reinforced RC walls due to single crack formation or minimal secondary cracking
can be simulated by using smaller equivalent plastic hinge lengths to model the plastic

hinge region.

Furthermore, as discussed earlier, it is also important to ensure that the loss of lateral
strength of the walls is modelled such that the redistribution of loads to the gravity frames
is captured during the analysis of buildings. When the concrete compressive strains
govern the response of the wall, this is usually automatically achieved since a softening
response is simulated through the concrete material model (Concrete04) used to define
the behaviour of the concrete fibres which incorporates the strength degradation of the
concrete. However, when tensile strains govern and a hardening response is simulated,
flexural degradation is not modelled. This is because steel material models are usually
incapable of accurately simulating the softening response of steel. This is the case with the
steel material model (Steel02) used in this study which is incapable of incorporating any

form of strength degradation. Therefore, it is suggested here that the MinMax material
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model available in OpenSEES be used in conjunction with Steel02. The MinMax material
model is capable of tracking the strains developed in the fibres of distributed plasticity
elements during the analysis in which their response has been defined by a particular
material model (in this case Steel02) and to remove the fibre when it reaches a particular
strain limit (by setting the strength and stiffness of the original material to zero). Hence,
this allows the simulation of the gradual loss of lateral load carrying capacity of
distributed plasticity elements and is especially useful for those which have a hardening

response.

In order to examine the validity of the suggested modelling technique for the non-ductile
walls to be assessed in this study, simulated results are compared with those recorded
experimentally for six lightly reinforced rectangular walls which demonstrate secondary
cracking or a dominant single crack failure. The details of the six walls are presented in
Table 5-12. The equivalent plastic hinge lengths have been determined based on the
recommendations provided by Hoult (2017) presented in Section 4.6.1. Firstly, the
likelihood of developing secondary cracking or a single crack is determine by comparing
the longitudinal reinforcement ratio (p;) with the minimum reinforcement ratio required
for secondary cracking form (p,,; min)- For walls for which secondary cracking is predicted
the plastic hinge length is calculated using Eq. 5-18. The equation consists of the
recommended plastic hinge equation (Eq. 4-11) by Hoult (2017) for the purpose of
assessment and the strain penetration length (Ls,) recommended by Priestley et al.
(2007). Itis noted that the Ly, was added to the plastic hinge equation suggested by Hoult
(2017) since it was not a parameter that was included in the analyses conducted by Hoult
(2017) and also because it was observed that it provided more accurate results when used
for the distributed plasticity approach of modelling the walls. For walls for which a single
crack is predicted a slightly higher plastic length of 200 mm is adopted than the
conservative recommendation of 150 mm by Hoult (2017). In addition, shear
deformations are added to the wall response at each integration point using the effective
shear stiffness suggest by Pugh et al. (2015) provided in Section 4.6.2. The MinMax
material model is used to simulate the loss of strength in steel fibres when the steel strain

exceeds 60 % of the reported ultimate tensile strain (0.6, ).

P Eq.5-18
Lyrect = (0.1L,, + 0.075H,) (1 - 6.0 (Agfcmi> +Lg, <0.5L,
Where Lgp is the strain penetration length,

Lsy = 0.022f,d),
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Figure 5-16 illustrates the response of three of the six walls; in all of these cases secondary
cracking is predicted and hence the plastic hinge length was calculated in accordance with
Eq. 5-18. The first two walls are the same walls which were used to highlight the
limitations of using force-based elements with no consideration of plastic hinge length as
shown previously in Figure 5-13 and Figure 5-14. Figure 5-16 also provides a brief
description of the failure mechanism of the wall and a photo of the damaged wall at the
end of the lateral loading. It can be seen that all three walls experienced secondary
cracking as predicted by the equation. The simulated response includes both cyclic and
monotonic response. Furthermore, to provide an indication of the magnitude of the
simulated strains, the points at which the outermost reinforcement reaches a tensile strain
limit of 0.6¢g,, and a compressive strain of 0.004, are also provided on the monotonic
response. Overall, it can be seen that the simulated shear force-drift responses matches
very well to the experimental results. In addition, the results show that the development of
strains is realistic. For all three specimens it is predicted that the ultimate capacity of the
walls is governed by compression strain limits and this also corresponds to the reported

failure mechanism.

Furthermore, the importance of imposing tensile strain limits is also illustrated. This is
clearly apparent for specimen R1 Oesterle et al. (1976) which displays a hardening
response and for which flexural degradation is simulated in the model due to the steel
strain reaching the tensile limit of 0.6&,,,. However, it is noted that the use of the MinMax

material model increases the difficult of achieving numerical stability.

Figure 5-17 provides the response and failure mechanism of the remaining three
rectangular walls. In these cases a single crack formation is predicted; hence the plastic
hinge length is set to 200 mm. As expected the observed crack pattern indicates that all of
these walls developed only one primary flexural crack. The simulated shear force-drift
response of the walls provides a reasonably good match with the experimental results
considering the difficulty in predicting the response of walls forming a single crack,
especially via means of macro modelling techniques. The poorest match obtained is for
specimen 1, Lu et al. (2016), for which the ductile behaviour of the wall is underestimated.
Specimen 1 and 4 tested by Lu et al. (2016) had the same detailing and the only parameter
which varied was the axial load ratio. Specimen 1 had an axial load ratio of 3.3 % and
specimen 4 had no axial load applied during the analysis. Hence, the improved response of
specimen 1 was due to the increase in the applied axial load. However, the ratio of the
maximum moment capacity to the cracking moment capacity calculated from the

experimental results was lower for specimen 1 than specimen 4. Therefore it is uncertain
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why specimen 1 displayed a higher displacement capacity than specimen 4. Nevertheless,
considering the unpredictable behaviour of walls that develop a predominant single crack,
a conservative prediction of response is acceptable. Hence, the suggested modelling

approach for lightly reinforced non-ductile walls is considered to provide an adequate

degree of accuracy.
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Table 5-12: Details of lightly reinforced rectangular walls

No. Specimen Failure ALR Lw tw He He/Lw f¢ fy fu PLb p1 Pt Pwlmin Lp Predicted
type (mm) (mm) (mm) (MPa) (MPa) (MPa) (mm) crack
formation
1 Dazioetal. CB 0.0566 2000 150 4560 2.3 40.9 576 675 0.0155 0.0082  0.0025 0.0052 510 Secondary
(2009) cracks
WSH4
2 Oesterleet BR 0.0043 1905 101.6 4572 24 448 512 765 0.0103 0.0047  0.0027 0.0043 628 Secondary
al. (1976) cracks
R1
3 Altheeb CB 0.0508 900 120 2650 2.9 34.7 500 720 0.0073 0.0073  0.0033 0.0045 311 Secondary
(2016) cracks
Specimen
2
4 Altheeb BR 0.0500 900 120 2650 29 35.2 500 720 0.0036 0.0036  0.0033 0.0045 200 Single
(2016) crack
Specimen
1
5 Luetal, BR 0.0359 1400 150 2800 2.0 38.5 300 400 0.0052 0.0052  0.0025 0.0062 200 Single
(2016) crack
Specimen
1
6 Luetal, BR 0.0 1400 150 2800 2.0 34.7 300 400 0.0052 0.0052  0.0025 0.0057 200 Single
(2016) crack
Specimen
4

pib: longitudinal reinforcement ratio within boundary region | CB: concrete crushing and buckling of bars | BR: buckling and fracture of bars
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Figure 5-16: Comparison of simulated and experimental response of lightly reinforced walls for

which secondary cracking is predicted, and a brief description of the observed failure mechanism
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Altheeb (2016) specimen 1
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Figure 5-17: Comparison of simulated and experimental response of lightly reinforced walls for

which a single crack is predicted, and a brief description of the observed failure mechanism
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5.5.1.2 Modelling of non-planar walls
The buildings to be assessed in this study (in Chapter 7) have core walls and hence a
modelling approach needs to be adopted which is most suitable for non-planar walls.
Initially, the various distributed plasticity modelling approaches described in Section 4.6.3
are investigated. The first approach evaluated is the conventional one-dimensional stick
model where a single fibre-section is assigned to the vertical line element, illustrated in
Figure 5-18. The plastic hinge region is modelled in a similar manner to the rectangular
walls, where the length of the first force-based (FB) element (with two integration points)
corresponds to twice the plastic hinge length (2L, ) and the weight of the first integration
point corresponds to the plastic hinge length. The second and third approaches use the
wide-column model (WCM) as suggested by Beyer et al. (2008a). In these approaches the
plastic hinge region is modelled explicitly using the same approach as the conventional
one-dimensional stick models. Above the plastic hinge region, horizontal links are spaced
at a distance corresponding to one-fifth of the effective wall height or half the wall length,
whichever is smaller, as recommended by Beyer et al. (2008a). A single FB element is
placed in between the horizontal links with 4-5 integration points. Two modelling
methods are considered with respect to shear deformations and the stiffness properties of
the horizontal links:
i. Method 1: Shear deformations are not included, and the horizontal links are
modelled with an elastic element with rigid flexural, shear, and torsional stiffness.
ii.  Method 2: Shear deformations are added at a section level similar to the method
used for the modelling of rectangular walls, and the horizontal links are modelled
with an elastic element with rigid flexural and shear stiffness, and the torsional
stiffness is defined based on the recommendation from Beyer et al. (2008a)
provided in Eq. 5-19.

hspti Eq. 5-19
Ktorsion = 0.25G 2> 1

The two suggested modelling approaches are illustrated in Figure 5-19 for a C-shaped

wall.
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Figure 5-18: Conventional distributed plasticity approach (stick model) for modelling non-planar

walls
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Figure 5-19: Wide column modelling technique for simulating the response of non-planar walls

Since there are currently no experimental results available in the literature for lightly
reinforced non-planar walls, the suggested modelling technique is compared with
experimental results for two C-shaped walls which have reasonably good reinforcement
detailing. The details of the two walls are provided in Table 5-13 and the cross-sections of
the two walls are provided in Figure 5-20. Specimen TUA tested by Beyer et al. (2008b)
has longitudinal reinforcement ratio in the boundary region exceeding 1 %, and the axial
load ratio of the specimen tested by Ile and Reynouard (2005) is 12 %; both of these

parameters exceed the limits for which the plastic hinge equations suggested by Hoult
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(2017) are valid. In addition, both walls have significant confinement within the boundary
regions. Hence, for both of the walls the equations provided by Hoult (2017) are not
applicable. Instead, the plastic hinge length of the walls is determined using Eq. 5-20
recommended by Paulay and Priestley (1992) which is suitable for well detailed walls.
This equation was also used by Beyer et al. (2008b) to design specimen TUA.

0.08H, + 0.022d, f, } Eq. 5-20

L, = the larger of { 0.2L,, + 0.044H,
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Figure 5-20: Cross-section of wall specimen tested by: (a) Beyer et al, (2008b) specimen TUA, (b)
Ile and Reynouard (2005)
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Table 5-13: Details of RC C-shaped walls

Specimen ALR L & t He He/Lt& fc fy fu Pwlb Pab p1 Pt
Lwb (mm) (mm) He/Lw (MPa) (MPa) (MPa)
(mm)
Beyer etal,, (2008) 0.02 1050 150 29501/ 2.811/ 77.90 488- 595- 0.010 0.018 0.007 0.0035%¢6
TUA / 33502 2.582 518 681 8 4 1
1300
Ile & Reynouard 0.10- 1250 250 3900 3.123/ 23.73 516- 615- 0.008 0.007 0.005 0.00545/0.0032¢
(2005) 0.12 / 2.60% 525 617 1 2 6
1500

Le: is the length of the flanges of the C-shaped wall | Lw: is the length of the web of the C-shaped wall | pwib: longitudinal reinforcement ratio within web-flange boundary region
| pwie: longitudinal reinforcement ratio within flange boundary region
Notes: ! loading in NS direction | 2 loading in EW direction | 3 loading in Y-direction | 4 loading in X-direction | 5 web region | ¢ flange region
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During the experimental testing conducted by Beyer et al. (2008b), specimen TUA was
subjected to North-South (NS), East-West (EW) and diagonal quasi-static cyclic loading. It
is reported that the ultimate failure mechanism of the specimen was due to bar-fracture
which was observed at a displacement ductility of 8.0 (that is, at the end of the testing).
Bar-buckling was also reported, with the first bar buckling at a displacement ductility of
6.0. Furthermore, spalling of concrete was reported to initiate at a displacement ductility
of 3.0; however, failure of the concrete due to crushing was not observed until the end of
testing. It is also noted that the sliding shear experienced by the specimen was negligible.
The crack pattern of the specimen at a displacement ductility of 6.0 is provided in Figure
5-21 and the crack pattern at the base of the wall and the rupturing of longitudinal

reinforcement at a displacement ductility of 8.0 is illustrated in Figure 5-22.

The comparison between simulated results using the three methods discussed above and
the experimental results under NS and EW loading for specimen TUA is provided in Figure
5-23. As previously done for the rectangular walls, the points at which the outermost
reinforcement reaches a tensile strain limit of 0.6¢,,,, and a compressive strain of 0.004,
are provided on the monotonic curve. These strain values give an indication of the drift
level at which the ultimate capacity of the critical section has been reached. The results
show that the simulated lateral force versus drift, for all three methods, matches very well
with the experimental results. The hysteretic behaviour under the NS direction seems to
be best represented by the wide column model (WCM) using Method 1. However, for the
EW direction, there is no significant difference between the results obtained using the
different approaches, although the conventional stick model provides a slightly better
prediction of the unloading behaviour. In terms of strain limits, all three approaches tend
to provide similar predictions which match well with what was reported in the
experiment; all of the models predict longitudinal bar fracture towards the end of the
analysis. The prediction of the drift at which the compressive strain limit is reached under
EW loading with the web in tension (WiT) for the WCM is lower (approximately at 1.5 %)
when compared with the conventional stick model for which the limit is predicted to be
reached at the same drift as bar fracture (2.5 %). It is also noted that for the results
presented for non-planar walls, the MinMax material model was not used to simulate loss

of strength and stiffness of the steel fibres due to numerical instabilities.
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Figure 5-21: Specimen TUA crack pattern at displacement ductility of 6.0: (a) South face, (b) West
face, (b) North face, (d) East face

Figure 5-22: Specimen TUA crack pattern at a displacement ductility of 8.0 at the base of the wall

and rupture of longitudinal bars in flange region
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Figure 5-23: Comparison between simulated and experimental results for specimen TUA tested by

Beyer et al, (2008) TUA
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The experimental testing conducted by Ile and Reynouard (2005) included two specimens
with identical detailing, one tested about the strong axis (i.e. loading applied along the X-
direction) and the other about the weak axis (i.e. loading applied along the Y-direction).
For the X-direction loading, initially flexure-shear cracks were observed in the flanges and
the web. As the applied lateral load increased, severe buckling and rupture of the
longitudinal bars (as well as some stirrups) occurred at the base of the flanges and at the
web ends. For the Y-direction loading, the failure mechanism was primarily due to bars
buckling in one of the flanges since a stirrup was missing at the base of the flange (it was
not included during construction). The crack pattern of the specimens under X-direction

and Y-direction loading is illustrated in Figure 5-24 and Figure 5-25, respectively.

The comparison between the simulated results and the experimental lateral force versus
drift results are presented in Figure 5-26. The global response predicted by all three
models is similar. The hysteretic behaviour, especially the unloading stiffness is best
predicted by the WCM using Method 2 for the specimen loaded in the X-direction. For the
specimen tested under Y-direction loading, there is no significant difference between the
cyclic responses simulated by all three models. Furthermore, in terms of local response,
that is the prediction of strain limits, all three models provide very similar results. All
simulated results show that only the compressive strain limit is reached for the specimens
tested under X- and Y-directional loading. This is consistent with the observed behaviour
of the walls since bar buckling was the primary cause of the ultimate failure of the walls.
For the specimen tested under X-direction loading, fracture of longitudinal bars was also

observed, however this is not reflected in the simulated responses.

In summary, the comparisons between the simulated and experimental results indicate
that all three models are capable of accurately representing the global response of the C-
shaped walls. The accuracy achieved when modelling the hysteretic response of the walls
is sometimes better using a particular approach; however the model that gives the best
results is not consistent from one situation to the next, so this is not conclusive. It should
be noted that the prediction of the cyclic response is likely to be improved by changing the
parameters controlling the hysteretic behaviour of the steel material (i.e. Steel02),
however a significantly larger database of experimental results would be needed if this
were to be done. In terms of local response, it has been shown that the use of explicit
modelling of the plastic hinge length helps to improve the prediction of strain limits.
However, care must be taken if strain limits are used to assess the performance of building
components, and not just interstorey drift limits. The strains developed in distributed

plasticity elements are highly dependent on the equivalent plastic hinge length that is
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chosen. Furthermore, it is noted that the MinMax material model used in OpenSEES to
simulate loss of strength and stiffness of the steel fibres is likely to cause numerical
instability when applied to the non-planar walls. For these reasons the distributed
plasticity approach described in this section is limited in its ability to accurately simulate
the loss of lateral strength of walls during global collapse analysis of buildings; this is even

more limited for walls which initially experience a hardening response,.

Figure 5-24: Crack pattern of wall during X-direction testing for specimen tested by Ile and
Reynouard (2005)

Figure 5-25: Crack pattern of wall during Y-direction testing for specimen tested by Ile and
Reynouard (2005)
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Figure 5-26: Comparison between simulated and experimental results for specimen tested by Ile

and Reynouard (2005)
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5.5.2 Lumped plasticity approach

In the previous section it was illustrated that the distributed plasticity approach is capable
of simulating the global response of lightly reinforced rectangular walls and well detailed
C-shaped core walls with a reasonable degree of accuracy. However, it was also identified
that there are potential numerical instability issues, especially for simulating the post-
peak behaviour of the walls. The reliable modelling of the post-peak behaviour of the walls
is critical in this study, since the global analysis of the buildings is to be conducted up to
the point of collapse, which is defined as loss of capacity of the gravity system to resist
axial loads. Therefore the lumped plasticity approach is investigated in this section to
examine its validity for the purpose of conducting global analysis. Furthermore, the
buildings to be assessed in this study consist of lightly reinforced core walls with non-
ductile detailing. Therefore, the simulated response of these core walls is investigated by

comparing the results with numerical models proposed in the literature.

5.5.2.1 Modelling of lightly reinforced planar walls

As it has been highlighted previously for the modelling of beam-column joints, beams, and
columns, using the lumped plasticity approach, the key aspect of accurately simulating the
response of the components is the definition of the backbone curve. Since it has been
demonstrated that the monotonic response of the walls obtained from pushover analysis
using the distributed plasticity approach is capable of accurately simulating the observed
response of walls, it is suggested here that the backbone curve for the lumped plasticity
approach be constructed by using the critical points obtained from pushover analysis.
Furthermore, since the walls to be assessed are likely to develop concentrated cracking at
the base of the wall, it is suggested that the inelastic behaviour of the walls is simulated
with a single moment-rotation spring at the base of the wall. The Pinching4 hysteretic
model available in OpenSEES is adopted to define the inelastic moment-rotation response
of the walls. The four critical points are obtained from the pushover analysis of the wall
using the distributed plasticity approach where the moment and deformation capacity are
defined as:

e Point 1 - Cracking: when the extreme tensile concrete fibre reaches tensile strength of

concrete
e Point 2 - Yield: when the extreme tensile steel fibre reaches yield strain or the
extreme compressive concrete fibre reaches a strain of 0.002, whichever occurs first

e Point 3 - Ultimate capacity: when the extreme tensile steel fibre reaches 0.6&, or the

extreme concrete compressive fibre reaches a strain of 0.004, whichever occurs first
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e Point 4 - Residual strength: when the moment capacity reduces to 20 % of the

ultimate capacity

The hysteretic parameters of the Pinching4 model are defined using the same parameters
discussed for the columns and beams. To examine the validity of the approach for lightly
reinforced walls, simulated results are compared with the experimental results of the
three rectangular walls presented in Section 5.5.1.1 for which a single crack was predicted
by Hoult (2017). The results are presented in Figure 5-27. Furthermore, for direct
comparison between the results obtained using the lumped plasticity and the distributed
plasticity approach, the simulated results obtained using the distributed plasticity
elements are also provided in the same figure. The accuracy of the simulated results is
highly dependent on the backbone definition obtained from the monotonic response of the
distributed plasticity approach and therefore similar simulated responses are obtained
with both methods. Furthermore, the hysteretic behaviour predicted using the lumped
plasticity approach compares well with the distributed plasticity approach. It is observed
that a good prediction of the ultimate strength and deformation capacity is predicted using
the lumped plasticity approach for specimen 1 tested by Altheeb (2016) and specimen 4
tested by Lu et al. (2016). In fact, the lumped plasticity approach is better able to simulate
the last few cycles for specimen 1 tested by Altheeb (2016) and specimen 4 tested Lu et al.
(2016) in comparison to the distributed plasticity approach which encounters numerical
instability. The ductile behaviour of specimen 1 tested by Lu et al. (2016) is
underestimated using the lumped plasticity approach in a similar manner to the simulated

results obtained using the distributed plasticity approach.

In general, it is shown that the lumped plasticity approach is capable of predicting a good
match with experimental results for the purpose of global analysis. It is noted that the
approach is highly dependent on the assumption that the response of the walls may be
obtained based on a pushover analysis following the first mode shape of the walls. This
particularly affects the deformation capacities which are computed from the pushover
analysis response obtained from the distributed plasticity approach. However, the
assumption that the wall response will be governed by the first mode response is
considered to be valid for the walls being assessed here since it is expected that higher
mode effects will be negligible for the height of buildings considered (less than 10-
storeys). In addition, concentrated inelastic behaviour is expected at the base of the walls
due to the low longitudinal reinforcement ratio which limits the formation of secondary
cracking, therefore validating the use of a single moment-rotation spring at the base of the

wall.
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Figure 5-27: Comparison of simulated and experimental response of lightly reinforced
rectangular walls for which a single crack is predicted, using lumped and distributed plasticity

approach
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5.5.2.2 Modelling of lightly reinforced non-planar walls

As mentioned earlier, there are currently no experimental results available for lightly
reinforced non-planar walls which have non-ductile detailing. These are the type of core
walls which exist in the buildings that are assessed in this study. Therefore to examine the
validity of the modelling approach, the simulated monotonic response of lightly reinforced
non-ductile non-planar walls are compared with the load-deformation response proposed
by Hoult (2017) for C-shaped walls which is based on equivalent hinge analysis. As
discussed in Section 4.6.1, Hoult (2017) conducted detailed micro finite element modelling
of C-shaped walls which have detailing representative of core walls constructed in

Australia.

In order to compare the simulated results with the load-deformation behaviour proposed
by Hoult (2017), box-shaped and C-shaped core walls within a 5-storey building are
examined. The core wall design is representative of construction in the 1980s period; the
details of the walls are provided in Figure 5-28. The box-shaped wall is representative of
stair cores (SC) and the C-shaped wall is representative of lift cores (LC) in the buildings
being assessed here. The longitudinal reinforcement ratio is approximately 0.24 % for
both the box-shaped and C-shaped core walls. Using the equation proposed by Hoult
(2017) (Eq. 4-10), it is predicted that a single crack will form. Furthermore, sectional
analysis of the walls also shows that the cracking moment of the walls is greater that the
yield moment capacity. Thus the bilinear load-deformation equations proposed by Hoult
(2017) are adapted to a trilinear backbone to predict the response of walls for which the
cracking moment is greater than the yield moment. In addition, it is noted that Hoult
(2017) did not assess the performance of box-shaped core walls, thus the equations for the
C-shaped walls have been applied to provide an indication only of the predicted response

for box-shaped walls.
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Figure 5-28: Box-shaped and C-shaped core wall detailing for a 5-storey building

The core walls have been modelled in OpenSEES using the conventional one-dimensional
distributed plasticity approach discussed in Section 5.5.1, for which the plastic hinge
length is assumed to be 200 mm given that a single crack is expected. From the pushover
analysis, the backbone response is obtained, where the critical points are defined in a
similar manner to those obtained for rectangular walls as discussed in 5.5.2.1. However, it
is noted that the last point is not defined as residual capacity, since the walls assessed by
Hoult (2017) were assessed only up to the point of ultimate capacity. This is because a

sudden loss of lateral load carrying capacity is expected due to the detailing of the walls.

The results for the C-shaped core wall are presented in Figure 5-29 for bending about the
minor axis with the web in compression (WiC) and the web in tension (WiT), and for
bending about the major axis. It can be seen that the simulated load-deformation response
using the distributed plasticity approach compares well with the load-deformation
behaviour predicted using the adapted numerical model proposed by Hoult (2017). The
ultimate deformation capacities predicted for the C-shaped wall about the major axis and
minor axis with WiC very closely match the deformation capacity predicted by Hoult
(2017). This is because for both of these cases the response of the core walls is governed
by tensile strain limits. Due to the low longitudinal reinforcement ratio, relatively high
tensile strains need to be developed to ensure that the tensile force is equal to the

compressive force. A schematic of the strain distribution of the core walls is provided in
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Figure 5-30 and Figure 5-31 for bending about the minor and major axes, respectively.
Furthermore, the load-deformation responses in Figure 5-29 show that the deformation
capacity predicted using the distributed plasticity approach for bending about the minor
axis with WIiT is slightly lower than that predicted by Hoult (2017). This is because for C-
shaped walls bending about the minor axis with WiT, the response of the walls may be
governed by either the compressive strain limits or tensile strain limits depending on the
detailing of the wall. For walls which have sufficient longitudinal reinforcement, the
response of the C-shaped core walls with WiT are typically governed by compressive
strains, since large compressive strains need to be developed in the boundary of the flange
region such that the compressive force is equal to the tensile force developed in the web of
the C-shaped core wall. However, for lightly reinforced C-shaped core walls the tensile
forces developed in the web region may be relatively low due to the low longitudinal
reinforcement ratio and therefore high tensile strains may need to be developed to
generate the tensile forces required for equilibrium. Therefore, a higher variability in
response is expected between models for predicting the response of C-shaped walls
bending about the minor axis with WiT since the results are also highly dependent on the
behaviour of concrete for which the response is more variable due to modelling

assumptions.

The load-deformation response of the box-shaped core walls are presented in Figure 5-32
for bending about the minor axis and major axis. For bending about the minor axis, two
separate load-deformation responses are calculated using Hoult (2017) since the
equations are developed for C-shaped walls with either WiC or WiT. The equation used to
predict the response of C-shaped walls with WiC provides a similar match to the simulated
response for the box-shaped wall. This is expected since the equation developed for WiC is
governed by tensile strain limits developed in the boundary regions of the flanges. For
lightly reinforced box-shaped core walls bending about the minor axis, compressive
strains are not likely to govern due to the large area provided by the web of the box-core
which allows large compressive forces to be developed even though the compressive
strains remain reasonably low. Therefore, the behaviour of the walls is likely to be
controlled by the tensile strain limits of the longitudinal reinforcement in the web-region.
A very good match is also observed for the simulated load-deformation response for the
box-shape core wall bending about the major axis and the response predicted using the
Hoult (2017) numerical model for C-shaped walls. This is because the response of the box-
core walls is governed by the tensile strain limits developed in the flanges of the box-

shaped core in a similar manner to the C-shaped core walls.
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In summary, the results suggest that that the distributed plasticity approach of explicitly
modelling the plastic hinge region is able to accurately predict the response of lightly
reinforced non-ductile RC core walls since a good match is obtained with the Hoult (2017)
numerical model which is based on extensive micro finite element analyses of C-shaped
core walls. In addition, it appears that the method of obtaining the backbone response for
the lumped plasticity approach from the pushover analysis of the distributed plasticity
element is a viable approach for conducting global analysis of buildings, at least in the

limited cases considered here.
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Figure 5-29: Force-deformation response of C-shaped core walls; comparison between Hoult
(2017) analytical model, simulated response using distributed plasticity approach, and backbone
for lumped plasticity approach
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Figure 5-30: Strain distribution of lightly reinforces box-shaped and C-shaped core walls for

bending about the minor axis (t: tensile strain, c: compressive strain)
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Figure 5-31: Strain distribution of lightly reinforces box-shaped and C-shaped core walls for

bending about the major axis (t: tensile strain, c: compressive strain)
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Figure 5-32: Force-deformation response of box-shaped core walls; comparison between Hoult
(2017) analytical model, simulated response using distributed plasticity approach, and backbone

for lumped plasticity approach

5.5.3 Interconnected wall response

To further investigate the suitable method for modelling the walls for global analysis of
the non-ductile buildings, the wall response for three core walls belonging to a 5-storey
building is investigated. The configuration of the 3 core walls are provided in Figure 5-33
and the detailing of the walls are the same as in Figure 5-28. Initially the walls are
modelled considering only the flexural response of the walls. Two models are created: (i)
force-based distributed plasticity elements are used to model the core walls using the
conventional stick model and the plastic hinge region is explicitly modelled as described in
Section 5.5.1 based on the equivalent plastic hinge length, (ii) lumped plasticity approach
is used to model the inelastic response of the walls with a moment-rotation spring at the
base of the wall. The three core walls are connected via a rigid diaphragm, schematic of

both approaches is illustrated in Figure 5-34.

Stair core 1 Lift core Stair core 2

(SC1) (LC) (SC2)

Figure 5-33: Schematic showing plan congfiguration of interconnected core walls
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Figure 5-34: Schematic showing the elevation configuration of interconnected core

walls: (a) distributed plasticity approach, (b) lumped plasticity approach

Pushover analysis is conducted on the interconnected core walls with an applied force
distribution that follows the first mode of the walls. A displacement controlled integrator
is used to conduct the pushover analysis to allow the simulation of the reduction in the
applied forces due to the change in the stiffness of the system (i.e. after the peak capacity

of the system is reached). The base moment and base shear response versus the roof
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displacement for the two approaches are provided in Figure 5-35. It is noted that it was
very difficult to achieve numerical stability for the distributed plasticity approach.
Therefore, other methods of modelling and simplifications were also considered, including
only modelling the plastic hinge region with either a force-based or displacement-based
distributed plasticity element and the remaining portion of the wall with elastic elements.
However, none of the approaches helped to improve numerical stability. This is due to the
nature of the walls being assessed, with low longitudinal reinforcement ratio and non-
ductile detailing which results in sudden lateral strength degradation. This effect is
exacerbated when the walls have a higher cracking moment than the yield moment
capacity. Once the cracking moment is reached, which occurs at a very low displacement,
abrupt degradation in the lateral strength occurs as the strength reduces to the yield
moment capacity and hence the forces applied to the system need to be redistributed to

the adjoining components.

The plot of base-shear versus roof displacement in Figure 5-35 indicate that once the two
stair cores reach the cracking moment (this occurs simultaneously for the two box-shaped
core walls since they have identical detailing), very high shear forces are developed in the
lift core, that is, the C-shaped wall which is more flexible than the stair cores. This occurs
due to the internal forces which are developed to maintain the same displacement at each
storey (due to the rigid diaphragm assumption), since the displacement profile of the stair
cores changes from an elastic response to a plastic response after cracking. Furthermore,
an increase in shear force is also induced in the lift core once the stair cores reach their
ultimate bending capacity since their bending capacity decreases after that. This same
behaviour was described in Section 4.6.4 with respect to yielding of two walls with
different wall lengths; however, for the interconnected wall response considered here the
phenomenon occurs after the cracking moment, and subsequently the ultimate moment, of
the stiffer walls are reached. The results show that the shear induced in the lift core is
higher for the model which used the distributed plasticity approach than for the model
which used the lumped plasticity approach, especially after the cracking moment of the
stiffer walls is reached. This is in contrast to the behaviour described in Beyer et al.
(2014), where it was shown that the shear force induced in the flexible wall was higher for
the lumped plasticity approach in comparison to the distributed plasticity approach. The
conflicting results are purely numerical, and the peak shear forces developed are not
reliable. As expected, it can be seen that the total response of the system is approximately
the same for the distributed and lumped plasticity approach. Furthermore, the base-

moment versus roof displacement response is also approximately the same for the
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distributed and lumped plasticity approach for both the total system response and the

individual core wall responses.
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Figure 5-35: Response of interconnected core walls under pushover analyses for walls modelled

using lumped plasticity and distributed plasticity approach

Due to the computational inefficiency and unreliability of the distributed plasticity
approach for simulating the interconnected wall response for the type of walls to be
assessed in this study, the lumped plasticity approach is adopted to conduct the
assessment of the buildings in Chapter 7. As discussed in Section 3.4.3, it is expected that
the walls will predominantly fail in a flexural manner due to the aspect ratio of the walls
assessed and also due to the limited cracking forming at the base of the walls. However,
since the interconnected wall response indicated that high shear forces may be developed,
the sensitivity of the shear forces induced in the core walls due to modelling assumptions
is further investigated to ensure that the walls are not vulnerable to shear failure due to
high shear force demands. Shear springs are added at the base of the wall (illustrated in
Figure 5-36) to include shear flexibility of the walls as suggested by Beyer et al. (2014) to
improve the shear distribution between interconnected walls. The approach suggested by

Beyer et al. (2011) (discussed in Section 4.6.2), which involves computing shear

A .
shear)} is

deformations based on the ratio of shear deformation to flexural deformation (
flex
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used to quantify the stiffness of the linear elastic shear spring. Three different shear
deformation to flexural deformation ratios are investigated, which are calculated at
nominal yield:

. A
i. “shear _ 1oy,
Aflex

shear

ii. AA— is calculated according to the method proposed by Beyer et al. (2011), for
flex

which the shear deformations to flexural deformations is approximated 4 to 10 %

A
iii, —shear — 109
Aflex

Rigid diaphragm

Elastic element [ [

Zero length shear
spring . . .

~

~

Zerolength ~.
S

moment-rotation X\

spring ----- > GEI: ,f,i )2

Figure 5-36: Schematic showing the elevation configuration of interconnected core walls with

moment rotation spring and shear spring

The base-shear versus roof displacement and base-moment versus roof displacement for
the different shear deformation to flexural deformation ratios are presented in Figure
5-38 and Figure 5-37 for pushover analyses about the minor axis of the interconnected
core walls with WiT and WiC for the lift core, respectively. The results show up to more
than 50 % reduction in the peak shear force developed in the lift core (the more flexible
wall) once shear flexibility is incorporated and using the assumption that the shear
deformation to flexural deformation ratio is only 1 %. Further reductions in the peak shear
force are observed when the shear deformation to flexural deformation ratio is calculated
in accordance with the method proposed in Beyer et al. (2011), and when the shear
deformation to flexural deformation ratio is set to 10 %. The significant reduction in shear

force indicates that shear failure of the walls is unlikely to occur prior to the flexural
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failure of the walls, since the peak shear forces observed during the analysis are
predominantly numerical. Furthermore, in addition to the shear flexibility of the core
walls, there are also other factors that may affect the redistribution of shear forces which
are not explicitly modelled, including slab flexibility and foundation flexibility, which may
result in lower shear forces induced in the core walls. For the example interconnected wall
system considered here, the shear capacity of the core walls along the weak direction
(calculated in accordance with AS 3600:2009) is approximately more than twice the
induced shear force obtained from the pushover analysis when the shear flexibility of the
walls is calculated using the method proposed in Beyer et al. (2011). Since the simulation
of the distribution of shear forces is not highly reliable (due to modelling limitations) and
the likelihood of shear failure for the walls assessed is low, shear failure of the walls is not

considered for the assessment of the archetypal buildings in Chapter 7.
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Figure 5-37: Response of interconnected core walls under pushover analyses with lift core WiT for

different levels of shear flexibilities
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Figure 5-38: Response of interconnected core walls under pushover analyses with lift core WiC for

different levels of shear flexibilities
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5.6 SUMMARY

This chapter has provided a detailed evaluation of macro-modelling approaches for
simulating the response and failure mechanisms of various building components
including: beam-column joints, columns and beams, and walls. Specifically, the modelling
approaches have been evaluated for the type of detailing that the building components are
likely to have for the archetypal buildings to be assessed in Chapter 7. In general, the non-
ductile detailing of the building components significantly increases the difficulty of
simulating their response under seismic loading since sudden lateral strength and
stiffness degradation are likely to occur after the peak capacity of the components is
reached. The sudden degradation of lateral strength and stiffness typically causes
numerical instabilities and convergence issues, especially when considering the system
response of the building. Furthermore, some response mechanisms, namely shear and bar-
slip, are not directly modelled using conventional macro-modelling approaches and must
be included indirectly; this is especially true if the response is likely to govern the failure
mechanism of the component. Additionally, these mechanisms are usually computed using
empirically based equations and thus suitable equations need to be selected for the
components being assessed. The component modelling approaches which are to be
adopted for conducting the assessment of the archetypal buildings have been validated by
comparing the simulated response of the components with experimental results or
numerical models established from micro-finite element modelling analyses. Furthermore,
a range of modelling approaches has been evaluated and the ones chosen for each
component have required a compromise between accuracy, computational efficiency and
reliability. This has resulted in the selection of the lumped plasticity approach rather than

the distributed plasticity approach for modelling the various building components.
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CHAPTER 6: FRAMEWORK FOR SEISMIC FRAGILITY ASSESSMENT

6.1 INTRODUCTION

In this chapter a review of the seismic fragility assessment framework is provided as well
as the approach to be adopted to assess the seismic performance of the archetypal
buildings presented in Chapter 7. The formulation for fragility curves, including the
incorporation of aleatoric and epistemic uncertainties, is described. The selection and
justification of the various aspects of the assessment framework are provided, including:
the probabilistic seismic demand models, performance levels, and performance objectives.
Furthermore, the advantages and disadvantages of the various ground motion intensity

measures and the different methods to compute the intensity measure are presented.

6.2 SEISMIC FRAGILITY FUNCTIONS

Seismic fragility functions define the building’s probability of exceeding a damage limit
state as a function of ground motion intensity measure (IM). In its most common form it is
defined by the lognormal cumulative distribution function (Porter, 2016) given in Eq. 6-1.
Hence, it is assumed that the relationship between the seismic demand (D) and the
structural capacity (C) is normally distributed. This has been proven to be a reasonable
assumption by numerous studies as discussed in Baker (2015), although, different

distributions may be adopted to produce fragility curves.

In(Sp/S Eq. 6-1
P[D > C|IM] =¢M q
B
Where ¢ is the standard normal cumulative distribution function
Sc is the median value of the structural limit state (i.e. the capacity of the

structural limit state)
Sp is the median value of the demand as a function of IM

B is the logarithmic standard deviation of the demand as a function of IM

The fragility function expressed in Eq. 6-1 is suitable when the engineering demand
parameter (EDP) used to assess the performance of the buildings is not dependent on
individual component capacities. In this study, the performance levels for the buildings are
based on when the first component in a building reaches a structural damage limit or
when the interstorey drift demand exceeds the interstorey drift limits; this is discussed in

detail in Section 6.4. Therefore, the EDP adopted in this study is the critical demand-to-
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capacity ratio (Y) which corresponds to the component response or interstorey drift that
will first cause the building to reach the performance level (Jalayer et al, 2007). The
fragility function for which the engineering demand parameter is the critical demand-to-
capacity ratio is provided in Eq. 6-2. Furthermore, Eq. 6-2 also incorporates aleatoric and

epistemic uncertainties within the fragility function.

In Eq. 6-2
PIY > 1|IM] = ¢ (Myim)
B + B2+ 2
Where Ny is the median critical demand-to-capacity ratio as a function IM

Byjm is the dispersion (logarithmic standard deviation) of the critical
demand-to-capacity ratio as a function of IM
Bc is the capacity uncertainty

Bu is the modelling uncertainty

Aleatoric uncertainties are caused by factors that are inherently random in nature,
whereas epistemic uncertainties are knowledge-based due to assumptions and modelling
limitations and hence may be reduced with improved knowledge and modelling methods
(Celik, 2007). The aleatoric uncertainty related to the critical demand-to-capacity ratio (as

a function of IM), By is calculated based on the time history analysis results. The

dispersion related to the uncertainty of determining the capacity of structural
components, B (aleatoric uncertainty) and the dispersion due to modelling uncertainties,
By (epistemic uncertainty) are usually computed based on recommendations provided by
other studies and guidelines (Jeon et al., 2015; Nazari, 2017; Seo et al., 2015). Wen et al.
(2004) investigated the effect of developing fragility curves for older RC frames using
three different levels of modelling uncertainty: 0.2, 0.3, and 0.4. The results demonstrated
relatively insignificant differences between the fragility curves obtained and therefore
suggest using 0.3. FEMA-P695 (Applied Technology Council, 2012) provides
recommendations for modelling uncertainty depending on how well the index archetype
building models represent the various range of structural collapse characteristics, and the
accuracy and robustness of the model for capturing the various structural collapse
mechanisms. The recommended values are provided in Table 6-1. With respect to
predicting the capacity of components FEMA-P58 (Applied Technology Council, 2012)
discusses that the uncertainty depends on the type of failure mode. It suggests that for
brittle failure modes higher uncertainty factors should be adopted due to the greater
difficulty in predicting the capacity. It is suggested that a default value of 0.25 can be

adopted for brittle failure modes.
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In this study the dispersion associated with modelling uncertainty () is set to 0.2 since
according to the FEMA-P695 (Applied Technology Council, 2009) classification a Good
representation of structural collapse is provided by the archetypal building models. The
dispersion related to uncertainty in predicting the capacity of components (S.) is
conservatively set to 0.3 (slightly greater than the FEMA-P58 suggestion) since the
buildings assessed have non-ductile detailing and are vulnerable to brittle and sudden

failures.

Table 6-1: FEMA-P695 recommended quality rating for index archetype models (Applied
Technology Council, 2009) discusses

Representation of Collapse Accuracy and Robustness of Models

High. Index models capture the
tull range ot the archetype
design space and structural
behavioral effects that

(A) Superior (B) Good (C) Fair
Byp = 0.10 Byp, = 0.20 Buypy = 0.35

contribute to collapse.

Medium. Index models are
generally comprehensive and
representative of the design
space and behavioral effects
that contribute to collapse.

(B) Good (C) Fair (D) Poor
Bypr = 0.20 Byp, = 0.35 Bype = 0.50

Low. Significant aspects of the
design space and/or collapse (C) Fair (D) Poor

behavior are not captured in Lo = 0.35 Bupo, = 0.50
the index models.

6.3 PROBABILISTIC SEISMIC DEMAND MODEL

To compute the fragility function, it is first necessary to develop a probabilistic seismic
demand model (PSDM) which relates the engineering demand parameter (in this study,
the critical demand-to-capacity ratio) to the intensity measure. There are various
procedures used to obtain the PSDM; the well-established methods which are obtained
through conducting dynamic nonlinear time history analysis (THA) are incremental

dynamic analysis, multiple stripe analysis, and cloud analysis.

Incremental dynamic analysis (IDA) involves scaling a suite of ground motions until the
required structural damage limit is reached (Vamvatsikos & Cornell, 2002). The advantage
of this approach is that the ground motion variability is eliminated at various ground
motion intensities. However, there are many issues and limitations to using scaled
records, including the loss of true earthquake characteristics in the scaling process,
especially when large scaling factors are used. Despite the limitation of using scaled

records, IDA is considered to produce the most complete PSDM due to the numerous time
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history analyses conducted at a particular ground motion intensity. The probability of
exceeding a damage limit state for each intensity measure is estimated by the fraction of
records which cause the damage limit state to be exceeded. Based on this information the
empirical cumulative distribution can be plotted for each IM and from which the fragility
function parameters; Sp and Bp |y (or in this study ny|;u and By ) may be approximated
as shown in Eq. 6-3 and Eq. 6-4 (Baker, 2015). The procedure is highly computationally
expensive since significant number of time history analyses need to be conducted to
obtain the fragility function parameters. It is noted that the analyses must be conducted up
to an IM for which the building response reaches the damage limit state for all of the
records considered in the selected suite of ground motions. Therefore in practice, it is
usually only feasible for studies that simplify the building response (i.e. multi-degree-of-

freedom system) to a single-degree-of-freedom system.

1 & Eq. 6-3
In(S,) = —Z In(IM;)
ni=1
1 - IMA\®
Poum =177 (l"(s—))
i=1 b Eq. 6-4

Where n is the number ground motions considered
IM;  isthe IM value associated with the onset of
collapse (or exceedance of damage limit sate) for

the it ground motion

The multiple stripe analysis (MSA) involves conducting multiple time history analyses for
a discrete set of IM and for each IM a different suite of ground motion records is selected
(Jalayer & Cornell, 2009). The records may still be scaled to the required intensity
measure. The method is commonly used when the ground motion properties change for
each IM, for example when the conditional spectrum method is used to select ground
motions (Baker, 2015). Hence, the method has the potential to provide the most accurate
results especially if unscaled records are used for each intensity measure, however, this is
rarely done in practice and scaled records are commonly used. Due to the inherent
variability of the records used at different intensities, the response obtained from the time
history analyses may not necessarily result in an increase of the fraction of responses
exceeding the damage limit state with increasing level of IM. Furthermore, unlike IDA,
MSA does not require the analyses to be conducted up to an IM for which all of the records

cause the building response to exceed the damage limit state. Therefore, the same
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procedure used for IDA cannot be adopted to calculate the fragility function parameters.
Baker (2015) discusses using the maximum likelihood procedure and binomial
distribution to approximate the best fit for the fragility function (i.e. estimates of S, and

Bp|im) to the data obtained from MSA. Similar to IDA, MSA is computationally expensive if

conducted in a manner to meet its full potential.

The most efficient method for obtaining the PSDM is by conducting cloud analysis. It
involves using unscaled records to obtain a cloud of intensity-response data points.
Regression analysis is conducted for the cloud of data to approximate the fragility function
parameters. The method requires significantly less THA since multiple analyses at a
certain IM is not necessary. However, record selection plays a key role on the accuracy of
the method and it is recommended that the suite of records selected cover a wide range of
IM and that a significant portion of the records provide data points near the damage limit
state (i.e. for this study when Y=1) (Jalayer et al., 2017; Rajeev et al., 2014). Furthermore,
unscaled records must be used which eliminates the issues related to using scaled records.
Another key advantage of the cloud analysis method is that for the same set of analyses
different IMs may be selected to obtain different PSDM and from the regression analyses it
is possible to select the best IM to represent the demand quantity (Rajeev et al., 2014). A
disadvantage of cloud analysis is that it assumes a constant conditional standard deviation
for the probability distribution of the engineering demand parameter given IM (Jalayer et
al, 2014). The method was in fact initially utilised by Cornell et al. (2002) to support a
power-law demand model with a constant standard deviation of the natural logarithm,
provided in Eq. 6-5. More complex demand models have been proposed by other
researchers (Aslani & Miranda, 2005), however, studies have illustrated that Eq. 6-5 is
capable of providing accurate results and it is preferred due to its simplicity and because it

ensures closed-form solutions (Rajeev et al., 2014).

Where aand b are the parameters obtained from

regression analysis

Furthermore, since the parameters 7y and By obtained using the cloud analysis
method are based on the correlation of the structural response to a given intensity
measure, it may be necessary to separate the results obtained from the analyses which
have encountered numerical instabilities. This is particularly important when evaluating
the response of nonlinear building models up to the point of collapse since it is likely that

numerical instabilities will occur for stronger ground motion records. Therefore
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researchers have suggested calculating the fragility function according to Eq. 6-6, where
the collapse (c) and non-collapse (¢) cases are separated (Rajeev et al., 2008; Shome &
Cornell, 2000). It is noted that collapse cases do not refer to all cases for which the
performance level has been exceeded (i.e. in this study when Y > 1.0); instead, it refers to
cases for which the results are considered to be unreliable due to numerical instabilities
(which occur after the building exceeds the Collapse Prevention or Near Collapse
performance levels) or the performance level has been exceeded by a significant amount.
In this study four different performance levels are investigated, therefore it is expected
that Y will be significantly greater than 1.0 for performance levels corresponding to lower
levels of damage. Thus, limits defining collapse cases should be carefully defined for each

performance level.

P(Y > 1|IM) = P(Y > 1|IM,¢).[1 — P(c|IM)] + P(c|IM) Eq. 6-6
Where c is the non-collapse situation
c is the collapse situation

P(Y > 1|IM,¢) isprovided in Eq. 6-7
P(c|IM) is provided in Eq. 6-8

1“(’7Y|1M,c‘) Eq. 6-7

812/|1M,c_ + B¢ + B

P(Y > 1|IM,¢) =

no.of records causing collapse -
P(climy =22 g P fq.6-8

total no.of records

In this study the cloud analysis method is adopted to obtain the PSDM due to the
advantages discussed above. It is the most suitable method for conducting 3D global
analysis of buildings for which limit states are determined based on component responses.
The fragility function is computed using Eq. 6-6 and Eq. 6-5 is adopted to approximate the

fragility function parameters.

6.4 PERFORMANCE LEVELS

There are many different performance levels which are defined in the literature and codes,
each with different acceptance criteria. In general, the acceptance criteria in codes are
considered to be conservative, and often researchers try to change the definition of the
performance levels using the improved accuracy from numerical models and modelling

methods to incorporate various failure mechanisms. The following section provides a
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review of the performance levels defined in the literature and codes, and the proposed
levels for this study are presented. Since there are numerous terminologies used to define
various performance levels, the section below provides a review for four general damage
states: (i) slight damage, (ii) moderate damage, (iii) extensive damage, and (iv) complete
damage. Furthermore, in this study both primary (RC walls) and secondary (gravity RC
frames) structural systems are modelled, therefore, the performance levels are defined
separately for the different systems. A similar approach is recommended by ASCE 41
(ASCE/SEI, 2013). Interstorey drift limits are also provided to control the damage caused
to non-structural components and to alleviate the danger of a side-sway collapse
mechanism forming. It is noted that in this study, interstorey drift is expressed as a ratio

of the interstorey relative lateral displacement to the storey height.

6.4.1 Slight damage

Performance limits that typically fall within the Slight Damage criteria are: Operational,

Serviceability, and Immediate Occupancy.

The Operational or Serviceability limit state essentially refers to a limit state for which the
structure remains operational after an earthquake, and hence the damage (if any) is very
minor. This damage state corresponds to the building elements remaining elastic or close

to elastic.

Priestley et al. (2007) define the Serviceability limit state by proposing strain limits. They
state that the compression strain limit at this limit state should be a “conservative
estimate of the strain at which spalling initiates.” They suggest a compression strain limit
of 0.004 for concrete and 0.002 for masonry. For the tensile limit, Priestley et al. (2007)
argue that an ‘elastic’ or mear elastic’ limit which is the traditional approach, is too
conservative since strains of several times the yield strain can be sustained by the
reinforcement without requiring repair. Instead, they state that the tensile limit should be
based on limiting crack widths to approximately 1.0 mm. Based on experimental findings;
they recommend tensile strain limits of 0.015 for members carrying axial compression,
and 0.01 for members without axial compression. Hoult (2017) assessed the performance
of RC walls in Australia and adopted more conservative strain limits than Priestley et al.
(2007) for the Serviceability limit state due to the non-ductile detailing of the walls that
were assessed. Hoult (2017) suggested adopting a compression strain limit of 0.001 to
ensure a close to elastic response for the concrete, and a tensile strain limit of 0.005 to

ensure small residual crack widths.
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The Immediate Occupancy structural performance level is defined in ASCE 41 (2013) as “...
postearthquake damage state in which only very limited structural damage has occurred”
and that the “... basic vertical- and lateral-force-resisting systems of the building retain
almost all of their preearthquake strength and stiffness.” A similar definition was adopted
by Celik and Ellingwood (2010) who assessed the performance of limited ductile RC

frames.

It is also necessary to adopt non-structural performance limits to account for the damage
that may occur to non-structural components. Sullivan et al. (2012) suggest limiting the
maximum interstorey drift to 0.4 % for buildings with brittle non-structural elements and
0.7 % for buildings with ductile structural elements. These drift limits correspond to a

performance limit state defined as No Damage.

The Serviceability performance level is selected here to correspond to Slight Damage limit
state. Since the walls in this study are likely to experience a single crack and to have
cracking moment capacities which exceed the yield moment capacity, it is suggested that
the Serviceability limit state is defined as when the walls reach initial yield. This is because
a significant increase in strains, especially in the longitudinal reinforcement bars, is likely
to follow shortly after initial yield is reached. For the sake of completeness, nominal yield
is taken as determining when the Serviceability limit state for the secondary structure is
reached, although this is unlikely to govern. For non-structural damage, a maximum
interstorey drift of 0.4 % is suggested as older buildings (and current buildings) are likely

to have brittle non-structural components.

6.4.2 Moderate damage

The Moderate Damage state corresponds to damage levels which are repairable and
therefore it has been identified here to correspond to Damage Control and Repairable

Damage performance levels described in the literature.

Priestley et al. (2007) define the compressive strain limit at the Damage Control limit state
to correspond to when the transverse reinforcement confining the core fractures. The
compressive strain limit at this limit state is obtained by adding the strain-energy capacity
of the confining steel to the unconfined strain energy of the concrete. Hence, the

compressive strain at damage control (&, 4.) is defined as:

ptvfytssu Eq. 6-9

Eeae = 0,004+ 14=5
cc
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Where Ptv is the volumetric ratio of transverse
reinforcement
fee is the compression strength of confined concrete

For the tensile limit at the Damage Control limit state, Priestley et al. (2007) recommend
adopting 0.6 times the ultimate tensile strain of steel obtained from monotonic tensile
tests. The reduced ultimate tensile strain is said to account for the decrease of steel tensile
strain capacity due to: cyclic loading, vulnerability of reinforcement to buckling after it has
experienced tensile strains, low-cycle fatigue, slip between reinforcing steel and concrete
at critical section, and tension shift effects which result in higher strains being developed
in the steel than those obtained from sectional analyses which assume plane-sections.
However, Priestley et al. (2007) state that to ensure this level of strain is attainable
without the buckling of longitudinal bars, the spacing of transverse reinforcement hoops
and ties (s) should not exceed the value calculated in accordance with Eq. 6-10.

Eq. 6-10
s=3+6<&—1>db a

fy
Hoult (2017) suggests adopting a compression strain limit of 0.002 to reduce the
likelihood of spalling and a tensile strain limit of 0.01 to reduce the likelihood of low-cycle

fatigue and out of plane buckling of the reinforcement during load reversals.

Sullivan et al. (2012) suggest limiting the maximum interstorey drift to 2.5 % for buildings
with both brittle and ductile non-structural elements, for performance limit state
corresponding to Repairable Damage. The New Zealand Standard, NZS 1170.5 (Standards
New Zealand, 2004) requires the interstorey drift limit to also be limited to 2.5 % for the
performance limit state corresponding to Damage Control. The Australian Standard,
AS 1170.4 (Standards Australia, 2007) requires a more conservative interstorey drift limit
of 1.5 % for the Ultimate limit state. In the commentary for AS 1170.4 (Standards
Australia, 1993) it is explained that this drift limit is intended to “... restrict damage to

”

partitions, shaft and stair enclosures and glazing...” as well as indirectly providing an
upper bound for P-delta effects. Thus the limit set by AS 1170.4:2007 may be interpreted
as either the Damage Control or Life Safety performance limit state. However, it is
important to note that in Australia little consideration is given to the seismic drift capacity
of non-structural components. McBean (2008) highlighted, based on limited available data
from manufacturers, that non-structural components (curtain walls) may reach ultimate

conditions at interstorey relative displacements of 30-50 mm or less.
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It is noted that the strain limits provided by Priestley et al. (2007) are predominantly
based on the response of ductile components, and therefore they are considered to be un-
conservative for non-ductile components. Non-ductile buildings display an “on-off”
behaviour as described by Pampanin et al. (2011) where the building essentially responds
in either an elastic manner or a brittle failure is experienced. This behaviour was observed
for some of the non-ductile RC buildings in the Canterbury Earthquake sequence, namely
the Pyne Gould and the CTV building. Both of these buildings displayed minor damage
after the Darfield earthquake (which corresponded to approximately a 500 year return
event for Christchurch), however, after the Christchurch earthquake (an approximately
2500 year return period event for Christchurch) both of the buildings failed
catastrophically (Goldsworthy, 2012; Goldsworthy & Gibson, 2012). Therefore,
conservative strain limits are suggested here to define the Damage Control limit state to

alleviate the danger of sudden brittle failure mechanisms forming.

In non-ductile RC components ultimate flexural capacity is reached at when the cover
concrete reaches compressive strains of 0.003 to 0.004 based on the assumption that the
concrete in compression at these strain limits will crush. At slightly greater compressive
strain limits significant spalling of the cover may lead to the buckling of longitudinal bars
and crushing of the inner (core) concrete due to the lack of confinement provided.
Therefore, the damage caused would lead to significant repair costs thus exceeding the
Damage Control limit state. In addition, lower tensile strain limits than those suggested by
Priestley et al. (2007) are likely to be suitable for walls with low longitudinal
reinforcement ratios and with longitudinal bars that are not well restrained. This is
because the walls are vulnerable to having a single crack form at the base leading to strain
localisation, and to buckling after high strains have been reached in tension. Therefore, it
is suggested for the primary structures (walls) assessed in this study that the Damage
Control structural limit state should correspond to a concrete compressive strain limit of
0.002, and a tensile strain limit of 0.015, whichever one occurs first. A higher tensile strain
limit than that adopted by Hoult (2017) is thought to be suitable in this study since the
walls assessed have Y-bars and hence a design ultimate strain of 0.12, in comparison to the
walls assessed by Hoult (2017) which had N-bars and hence a design ultimate strain of
0.05. For the purpose of this study the Damage Control limit state for the secondary
structure (frame components) is defined as the component rotation corresponding to the
point midway between the nominal yield rotation and the shear failure rotation. For the

non-structural damage limit, a maximum interstorey drift of 0.8 % is suggested, although
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it is acknowledged that further research is required for determining non-structural drift

limits in Australia.

6.4.3 Extensive damage

The Extensive Damage limit state described here corresponds to the Life Safety
performance level, which is defined in ASCE 41 (ASCE/SEI, 2013) as the post-earthquake

«

damage state “... in which significant damage to the structure has occurred but some
margin against either partial or total structural collapse remains.” ASCE 41 (ASCE/SE],
2013) describes the extent of this damage limit state for walls as one in which some
spalling and crushing, and limited buckling of bars, are allowed. For secondary non-ductile

frame elements, this corresponds to limited cracking and splice failure of some columns.

In this study the Life Safety limit state essentially describes the initiation of loss of the
lateral load resisting system. It corresponds to the ultimate drift capacity for the RC walls.
Therefore, it is suggested that the compressive strain limit in the primary structural
system (walls) be limited to 0.004, which corresponds to the compressive strain used in
this study to determine the ultimate moment capacity of wall sections. The tensile strain is
limited to 0.6 times the uniform tensile strain for the reasons suggested by Priestley et al.
(2007) for the Damage Control limit state, but due to the dangers associated with strain
localisation, and hence the potential rupture of the longitudinal bars characteristic of the
walls assessed in this study, these strain limits are more applicable at the Life Safety limit
state. For the secondary system, it is suggested that the rotation of the elements be limited
to the rotation which defines shear failure, since this corresponds to the point at which the
lateral load resistance decreases. For the non-structural Life Safety limit state, a maximum
interstorey drift of 1.5 % is suggested in accordance with AS 1170.4:2007 for the Ultimate

limit state.

6.4.4 Complete damage

The Complete Damage limit state is defined here to refer to the Collapse Prevention or Near
Collapse performance level. In more recent studies, the point at which a building may be
defined as collapsed (or near collapse) has evolved and may be determined via various
mechanisms as discussed in Baradaran Shoraka et al. (2013). These mechanisms can be
categorised in to three groups:
i.  Side-sway collapse
This mechanism may be obtained from incremental dynamic analysis (IDA) and it
corresponds to the system experiencing large increase of lateral deformations with

small increase in seismic intensity. This mechanism is usually observed with
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ductile-structures that consist of components which are capable of experiencing
large deformations prior to axial load failure.

ii.  First component failure
Collapse of a building is determined based on the first component within the
building to reach the collapse limit state. This is the approach which is usually
adopted by codes, including ASCE/SEI 41 (2013).

iii.  Gravity-load collapse (system collapse)
Collapse of a building is dependent on multiple components reaching the collapse
limit state which will cause a global or system collapse of the building. Baradaran
Shoraka et al. (2013) define gravity collapse as when the gravity load demand
exceeds the gravity load capacity for a particular storey for the assessment of RC
frames. It is noted this mechanism of collapse limit state can only be conducted if
the nonlinear model has the ability to accurately simulate shear strength and axial

load capacity degradation.

In the past, interstorey drift limits have also been provided as a guide to ensure that
realistic building response is obtained (ASCE/SEI, 2006; FEMA, 2000). In FEMA 356
(2000) it is explained that the interstorey drift limits recommended for the structural
response of the buildings is “... to illustrate the overall structural response associated with
various Structural Performance Levels.” The structural interstorey drift limit is
particularly important at performance levels corresponding to high levels of damage since
numerical models become less reliable. In addition, at the Collapse Prevention limit state,
interstorey drift limits alleviate the danger of a side-sway collapse mechanism forming.
For the Collapse Prevention limit state, FEMA 356 (2000) and ASCE 41 (2006) suggest
limiting the maximum interstorey drift limit to 2 % and 4 % for buildings with concrete
walls and concrete frames forming part of the lateral load resisting system, respectively.
Interestingly, the recommendations for the structural interstorey drift limits are not
provided in ASCE 41 (2013). Furthermore, it is noted that interstorey drift limits are not
required for limiting damage to non-structural components at the Collapse Prevention limit
state since it is likely that they would have completely failed at the Extensive Damage limit

state.

In this study, the Collapse Prevention limit state is defined as when the first component
reaches axial load failure. Hence the first component failure mechanism for defining a
performance limit state is adopted which is consistent with the approach adopted for all
the other performance limit states. The system collapse mechanism is not adopted

because: (i) the degradation of axial load capacity is not modelled due computational
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efficiency and numerical stability, (ii) accurate models (which are usually empirically
based) for simulating axial load failure are limited and further research is required in this
area, and (iii) the loss of axial load failure in one component is likely to be followed

immediately by other components.

In this study significant effort has been made to define the axial load failure of frame
elements, since the frames being assessed are part of the gravity load resisting system and
hence they are responsible for carrying most of the axial load in the building, the walls
generally have significantly lower levels of axial stress due to gravity loads in them. It is
noted that the interior gravity load resisting system is not modelled in this study due to
the significantly higher stiffness of the perimeter frames because of the nature of the
buildings being assessed, discussed in Section 7.2.1. Therefore, the perimeter frames are
likely to be subjected to greater seismic forces in comparison to the interior gravity
system and hence are likely to fail first. Furthermore, for the asymmetric buildings being
assessed, the perimeter frames are subjected to greater displacement demands as well.
However, it is likely that the failure of the perimeter frame components will be followed
immediately by the failure of the internal gravity system components (especially for the
bottom storey columns which have very high axial loads). Therefore, the Collapse
Prevention performance limit state is based on the axial failure limit reached by the
perimeter frame components. This is defined as the rotation corresponding to a 50 %
reduction of the ultimate moment capacity (illustrated in Figure 6-1). This limit has been
defined (instead of the calculated rotation at axial load failure for columns/beams, and the
rotation corresponding to residual strength for joints) to provide some conservatism in
defining the axial load failure due to the limitations of the model. This includes the limited
availability of experimental results to define and to validate axial load failure deformation
limits for components. Furthermore, the change in axial load is not captured during
seismic loading due to the nature of the lumped plasticity elements which are adopted (as
discussed in Section 4.3). It is also noted that in this study it is assumed that the frame
elements will undergo axial load failure prior to the primary lateral load resisting system.
This is because the walls have relatively low axial loads acting on them and it is expected
that they will successfully carry the axial load after their ultimate lateral strength capacity
is reached. However, since the response of the walls is not modelled up to axial load
failure, the interstorey drifts are limited to 2.0 % based on guidelines for structural

interstorey drift limits.
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6.4.5 Summary of performance levels

A summary of the adopted performance levels is provided in Table 6-2. Furthermore, the

structural damage limits defining performance levels based on component responses are

illustrated graphically in Figure 6-1.

Table 6-2: Summary of the adopted performance levels

Performance Damage Primary structure Secondary structure Interstorey
level state drift limit
Serviceability  Slight Wall reaching initial Frame component 0.004
(S) yield rotational limit reaching nominal yield
rotational limit
Damage Moderate Wall reaching a Frame component 0.008
Control (DC) rotational limit reaching rotation which
corresponding to a is at mid-point between
compressive strain of nominal yield and shear
0.002, or tensile strain of failure rotational limits
0.015, whichever occurs
first
Life Safety Extensive Wall reaching ultimate Frame component 0.015
(LS) rotational limit, reaches the rotation
corresponding to a corresponding to shear
compressive strain of failure
0.004, or tensile strain of
0.6&,,, whichever occurs
first
Collapse Complete NA Frame component 0.020
Prevention reaches the rotation
(CP) corresponding to 50 %

reduction in ultimate

lateral strength

NA: Not applicable
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Figure 6-1: Graphical representation of performance levels: (a) walls, (b) frame components

6.5 PERFORMANCE OBJECTIVES

The seismic performance of buildings is evaluated by examining their response with
respect to performance objectives. Performance objectives define the extent of damage
(defined via performance levels) which is considered to be acceptable for different
intensities of earthquakes (usually defined by return periods). The relationship defined
between the performance levels and intensity of earthquakes is dependent on the
importance level and functional requirements of the building. In terms of building codes,
the world trend is towards aiming for Collapse Prevention or better for an ordinary
building under a 'very rare' earthquake, which is commonly quantified as a 2500 year
return period (YRP) event (Buchanan et al.,, 2011). This applies to both the design of new
buildings and assessment of existing buildings. The rehabilitation objectives of FEMA 356
(2000) which has formed the basis for the American Seismic Evaluation and Retrofit of
Existing Buildings’ standard, ASCE/SEI 41 (American Society of Civil Engineers, 2013),
recommends the performance objective of Life Safety under a 500 year return period
event (which is commonly considered as a 'rare' earthquake) and Collapse Prevention
under a 2500 year return period event for the Basic Safety Objective (BSO) as shown in

Table 6-3.
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Table 6-3: Rehabilitation objectives recommended by FEMA 356 (2000)

Target building performance levels

. Immediate . Collapse
Operational Life Safety .
Occupancy Prevention

— | 50%/50 year
g 0/30y a b c d
3 | (75 YRP)
=

20%/50 year
E 0/30y € f g h
= (225 YRP)
2 | 10%/50 year
= 0/30y i j k 1
2, (500 YRP)
S | 2%/50 year
= m n 0 p
= | (2500 YRP)

k + p = Basic Safety Objective | k + p + any of , e, i, b, f, or n = Enhanced Objectives | o, or m, or n alone =
Enhanced Objectives | k or p alone = Limited Objectives | ¢, g, d, h, 1 = Limited Objectives

Currently the performance objective for the design of most Australian buildings is to
"withstand severe earthquake shaking (ultimate) with a reasonable margin against

structural collapse..." as well as failure of parts and components which can be life
threatening to people inside or outside of the building. For the earthquake and gravity
combination, “Ultimate” is taken to be a 500 year return period event for most buildings,
that is, Type 2 buildings (Wilson & Lam, 2007). Since 2008 the Australian Building Code
(Australian Building Codes Board, 2007) has slightly increased the return period for
earthquake resistant design for higher importance level buildings, and these levels are
currently adopted by the current National Construction Code (NCC) (Australian Building
Code Board, 2016), shown in Table 6-4. However there is still no consideration given to
the very rare events (usually taken as a 2500 year return period event in the international

scene as mentioned above) which are the earthquakes that could have devastating

consequences.

As stated previously in Section 2.2 consideration of higher return periods is more critical
for low-to-moderate seismic regions than high seismic regions. This is because there is a
significantly higher level of energy released in the low-to-moderate seismic regions for
high return periods relative to that released for low return periods (Nordenson & Bell,
2000). Thus it is critical that a minimal performance objective of Collapse Prevention is set
under very rare earthquake events for both design and assessment of buildings in
Australia. Furthermore, higher performance objectives may be desired for Central
Business Districts (CBD) of capital cities, as the economic loss due to structural damage

and business interruptions may be substantial. For example, Goldsworthy et al. (2015)
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suggest designing buildings with importance level of 2 and 3 as defined by the NCC
(Australian Building Code Board, 2016) to achieve Damage Control and Collapse
Prevention under a 2500 and 5000 YRP event, respectively. While these higher
performance objectives may be feasible for design they are not considered to be viable for
assessment of older existing buildings. For the purpose of assessment of buildings in
Australia, Goldsworthy et al. (2015) recommends that serious consideration should be
given to retrofitting buildings which do not achieve Collapse Prevention under a 2500 YRP
event. In this study, the Basic Safety Objective described in FEMA 356 (2000) is adopted

since it is suitable for the assessment of older buildings.

Table 6-4: Probability of exceedance for various importance level structures in accordance with

BCA 2007 and NCC 2016
Importance Building type Annual probability that the
level design event will be exceeded
BCA 2007 NCC 2016
1 Buildings or structures presenting a low degree 1:500 1:250
of hazard to life and other property in the case
of failure
2 Buildings and structures not included in 1:500 1:500
importance levels 1, 3 or 4.
3 Building and structures that are designed to 1:500 1:1000
contain a large number of people.
4 Buildings and structures that are essential to 1:800 1:1500

post-disaster recovery or associated with

hazardous facilities.

6.6 GROUND MOTION INTENSITY MEASURE

The development of fragility curves involves conditioning the structural response on the
ground motion intensity measure (IM). It is critical that the IM selected shows a strong
correlation between the seismic intensity and the structural response to reduce the
uncertainty in the seismic assessment. In addition, the IM needs to effectively represent
the level of seismic hazard, that is, it needs to be a parameter that can be correlated to

various earthquake return periods (Giovenale et al., 2004).

Many different IMs exist and the choice of a suitable parameter is highly dependent on the
type of analysis conducted and the type of structure which is being assessed. The IMs may

be classified broadly in to two categories; structure-independent and structure-specific IM
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(Celik, 2007). Structure-independent IMs include parameters which define the ground
motion properties, such as: peak ground acceleration (PGA), peak ground velocity (PGV),
peak ground displacement (PGD), and duration of the earthquake. Structure-specific IMs
include spectral response parameters calculated at a specific period and therefore they
account for the frequency content of the ground motion and the fundamental or effective
building period of vibration. A third category may also be considered which includes the
maximum spectral response parameters: maximum spectral acceleration response
(RSAax), maximum spectral velocity response (RSVj,.x), and maximum spectral
displacement response (RSDp,x). While the parameters are independent of the
fundamental building period, their suitability may be dependent on the general
fundamental period of the buildings assessed. For example, RSD,,,.4 is typically suitable for
predicting the response of long-period structures whereas RSA,,, is suitable for short-

period structures.

Traditionally, the IM that has been commonly used for seismic assessment has been PGA.
It is the parameter which is typically used to represent hazard on seismic hazard maps,
including AS 1170.4:2007. However, the seismic hazard factor (Z) in AS 1170.4 is a
nominal value and it is calculated by dividing the PGV values (in millimetres per second)
by 750 (Wilson & Lam, 2007). This is because PGV is considered to provide a better
indication of the level of structural damage since it is related to the energy in the ground

motion (Glaister & Pinho, 2009; Wilson & Lam, 2007).

More recently, structure-specific IMs have been used for creating hazard maps and for
conducting assessments. This category of IM has the ability to relate the seismic demand
to the structural properties of the buildings which are being assessed. The most commonly
used IM is the pseudo-spectral acceleration, typically calculated at the fundamental
building period (RSA(T;)) (Wilson & Lam, 2007). While it has been shown that RSA(T;) is
a more efficient parameter than PGA to determine structural damage (Shome, 1999) it
typically provides a poor indication of structural damage for buildings with higher
fundamental periods or for buildings located on soil sites. Furthermore, the fundamental
period may lengthen significantly at performance levels corresponding to high levels of
damage and thus the increase in the fundamental period may need to be taken into
consideration. Numerous studies have shown that the spectral displacement response
provides a better indication of structural damage which has led to the development of
displacement-based design and assessment procedures (Priestley, 1997; Priestley et al,,
2007; Sullivan et al,, 2012). Interestingly, while the spectral displacement response has

been widely used to conduct nonlinear static assessment, it is typically not selected as an
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IM for the development of fragility curves from dynamic time history analyses. This may
be due to the fact that hazard studies and maps typically correlate PGA, PGV and RSA(T) to

earthquake return period events.

In addition to the need to select the most suitable IM and the possible controversy this
entails, there is also a lack of consistency between different researchers in the choice of
the method adopted to calculate the IM when developing fragility curves. Baker and
Cornell (2006) highlight that seismologists and earth scientists calculate the intensity
measure of a particular earthquake event by computing the geometric mean of the two
horizontal ground motion components. However, structural engineers often use a single
component of the ground motion to define the IM for 2D analyses or for 3D analyses for
which the building is only excited about one axis (i.e. no torsional effects). Therefore, there
is an inconsistency when the structural responses are compared with hazard studies and
ground motion prediction equations to define the level of damage for a particular
earthquake return period. Baker and Cornell (2006) state that one method of overcoming
this inconsistency is to compute the geometric mean of the two horizontal ground motion
components even if during structural analysis the building is only excited using a single
ground motion. Although the method is likely to increase the dispersion of the structural
response obtained for a particular IM, Baker and Cornell (2006) reason that the method is
more consistent with how hazard studies have been conducted. Another problem with
their approach is that it increases the difficulty of conducting the time history analyses
since suitable pair of records needs to be selected, which may be challenging when using

generated or artificial records.

6.7 SUMMARY

In this chapter a detailed description has been provided of the framework that will be
adopted to conduct the seismic fragility assessment of non-ductile RC buildings in
Chapter 7. The cloud analysis method has been selected to develop the probabilistic
seismic demand models due to the three key advantages that it provides: efficiency, the
use of unscaled records, and the flexibility to select different IMs to develop the PSDM for
the same set of analyses. A detailed review of the various definitions of performance levels
and damage states has been provided and four performance levels have been defined
which will be used to conduct the assessment of non-ductile RC buildings, including:
Serviceability, Damage Control, Life Safety, and Collapse Prevention. In addition, the world
trend in terms of the definition of performance objectives has been reviewed. The Basic

Safety Objective as described in FEMA 356 (2000) is to be adopted to evaluate the seismic

[229 |



Chapter 6: Framework for seismic fragility assessment

performance of the archetypal buildings in Chapter 7 since it is considered to be suitable
for assessing the performance of older buildings. Furthermore, the advantages and
disadvantages of various intensity measures, as well as the different methods used to
calculate the IMs for developing fragility curves, have been discussed. The selection of a
suitable IM to develop the fragility curves for this study will be further evaluated in

Chapter 7.
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CHAPTER 7: SEISMIC FRAGILITY ASSESSMENT OF NON-DUCTILE RC

BUILDINGS

7.1 INTRODUCTION

In this chapter the results obtained from the seismic fragility assessment of six archetypal
buildings are presented. The buildings are representative of older buildings constructed in
Australia before the requirement for seismic design was mandated on a national basis.
Three building heights are investigated: 2-, 5-, and 9-storey. For each building height two
plan configurations are analysed: one with plan symmetry and the other with plan
asymmetry. Suitable ground motion records are selected to conduct nonlinear dynamic
time history analyses. The probabilistic seismic demand models are developed using the
cloud analysis method, from which fragility curves are computed for various performance
levels. The importance of carefully selecting a suitable intensity measure is investigated
since it can significantly affect the fragility curves and the conclusions derived about the
seismic performance of the buildings. In addition, the difference in response for the
various methods used to indirectly account for biaxial bending for the plan-asymmetric
buildings is presented. Finally, the results are evaluated with respect to performance

objectives in order to quantify the seismic vulnerability of the buildings.

7.2 ARCHETYPAL BUILDING CHARACTERISTICS AND NONLINEAR MODEL

In Section 3.2 it was identified that wind load and lateral stability were poorly considered
in Australia until the late 1980s. In addition, seismic design was not considered nationally
until 1995 when the requirement for earthquake loading and design was referred to in the
Building Code of Australia. Therefore there are concerns that buildings constructed prior
to 1995 are particularly vulnerable to earthquakes. Hence, in this chapter the design of the
buildings being assessed is representative of buildings constructed prior to 1995 and they

have been detailed in accordance with AS 3600:1988.

The following subsections describe the archetypal RC building characteristics, including
building design and detailing, the material properties adopted for assessment, and the

nonlinear model created for time history analyses.
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7.2.1 Building designs

Six archetypal buildings are assessed which are 2-, 5-, and 9-storeys high. For each
building height two building configurations are assessed: one with plan symmetry and one
with plan asymmetry, where plan symmetry is defined as when the centre of mass of the
building coincides with the initial centre of stiffness of the building. As mentioned earlier,
the buildings are representative of older RC buildings constructed in Australia prior to the
requirement for seismic load and design to be mandated on a national basis. The buildings
have been designed in accordance with AS 3600:1988 Concrete Structures Standard,
AS1170.2:1983 Wind Actions Standard, and guidance from experienced practicing
structural engineers. The frames are designed as ordinary moment resisting frames
(OMRFs) and have detailing deficiencies as highlighted in Section 3.3. The core walls have
low longitudinal reinforcement ratios (approximately 0.23 %) with no confinement and
thus are likely to develop a single crack under lateral loading. The building plans are
provided in Figure 7-1, Figure 7-2, and Figure 7-3 for the 2-, 5-, and 9-storey buildings,
respectively. The gravity load resisting system of the buildings constructed in the 1980s
typically included perimeter frames with deep beams (600-900 mm deep) to satisfy fire
design requirements, and band-beams or flat-slab floor systems with column spacings of
7.0 to 8.4 m. Hence for the archetypal buildings a typical column spacing of 8.4 m is
adopted with a perimeter beam depth of 650 mm. The design properties of the building
components are provided in Table 7-1, and the detailing of the frame components and the
core walls are provided in Figure 7-4 and Figure 7-5, respectively. Details of the interior
system are not provided as the interior gravity system is not modelled since it is expected
that the perimeter frames will fail prior to the interior gravity system. This is because the
perimeter frames have significantly higher stiffness than the interior gravity frames and
therefore they will be subjected to greater seismic forces. In addition, for the buildings

with plan asymmetry, the largest displacement demand will be imposed on the perimeter

frames.
Table 7-1: Summary of design properties for building components
Slab Perimeter beams Columns Core walls
fe (MPa) 25 25 40 40
fy (MPa) 400 400 400 400
p1 (%) 0.67-1.33 1.30-2.70 2.0-4.0 0.23-0.24
p: (%) 0.25 0.23 0.075-0.12 0.25
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Figure 7-1: 2-storey building plans with plan symmetry and asymmetry
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Figure 7-2: 5-storey building plans with plan symmetry and asymmetry
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Figure 7-3: 9-storey building plans with plan symmetry and asymmetry
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Figure 7-4: Perimeter beam and column designs for archetypal buildings
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Figure 7-5: Stair and lift core designs for archetypal buildings
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7.2.2 Material properties for assessment

As discussed in Section 3.6 when assessing the performance of buildings it is necessary to
use the expected material properties. A summary of the material properties adopted in

this study are provided in Table 7-2 which are based on the findings presented in

Section 3.6.

Table 7-2: Adopted material properties for assessment
Material property Adopted value for assessment
Expected (mean) compressive strength of 1.2f;
concrete

Expected flexural tensile strength of concrete for 0.6\/ﬁ

walls

Mean yield strength of reinforcement 460 MPa
Mean ultimate to yield strength ratio of 1.21
reinforcement

Ultimate tensile strain of reinforcement 0.12

Note: f; is the design characteristic compressive strength of concrete

7.2.3 Nonlinear models of buildings

The nonlinear models for the six archetypal buildings described in Section 7.2.1 are
created in the finite element analysis package, OpenSEES (McKenna et al., 2000). The
columns, beams, and walls are modelled using lumped plasticity elements and the beam-
column joint response is modelled using the scissor’s model with rigid links approach as
discussed in Chapter 5. As an example, the schematic of the modeling method for the 5-
storey building with plan symmetry is shown in Figure 7-6. It is assumed that the walls
and the columns are fixed to the ground. Furthermore a rigid diaphragm assumption is

also adopted.

A limitation of the lumped plasticity approach is that biaxial bending is not captured
during the analysis. The consideration of biaxial bending is particularly important for the
buildings with plan asymmetry as the effect of biaxial bending is more pronounced,
especially on the corner columns. Based on the experimental and numerical findings
presented in Section 3.4.2.6 for columns and Section 3.4.3.4 for walls, reduction factors are
applied to the moment and drift capacities described in Section 5.4.3 and 5.5.2 for columns
and walls, respectively; which were established to develop backbone curves for
components under unidirectional loading. However, since there are insufficient results
available from experiments for the type of components being assessed; especially for the

non-ductile lightly reinforced core walls, and since flexure-axial behaviour is not directly
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captured in the nonlinear model, a range of backbones are investigated. Three backbone
definitions are adopted for the columns and walls for the archetypal buildings with plan
asymmetry (illustrated in Figure 7-7 and Figure 7-8):
i.  No reduction is applied; that is, the backbone is the same as that obtained for
unidirectional loading
ii. =~ Medium bound reduction factors are applied; a medium approximation of
reduction factors is adopted based on very limited component experimental
results
iii. =~ Lower bound reduction factors are applied; a low approximation of reduction
factors is adopted which is likely to give a conservative representation of the

response of non-ductile RC components

Gravity analysis is conducted first under the load combination used in AS 1170.0
(Standards Australia and Standards New Zealand, 2002) for when gravity loads are
applied simultaneously with earthquake actions; 1.0G+0.3Q, where G represents the
permanent actions and Q is the imposed actions. Based on these gravity loads, moment-
curvature analysis is conducted for the various building components to obtain the
required moment and curvature parameters to develop the backbone and hysteretic
response parameters. The definition of the critical points for assessment is provided in

Table 7-3.

Damping is incorporated by using Rayleigh damping model with the tangent stiffness
proportional damping constant calibrated to provide 5 % equivalent viscous damping
ratio for the first fundamental elastic mode. The first two fundamental periods (T1 and T;)

for the nonlinear models of the buildings are presented in Table 7-4.
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Table 7-3: Definition of critical points for defining component backbones

Critical point Criteria

Cracking Moment For walls: the extreme tensile concrete fibre stress equals the flexural

tensile strength of concrete;

fety = 0.6\/ﬁ based on Cook et al,, (2014) recommendation.

For frame elements: the extreme tensile concrete fibre stress equals to
Zero.

Yield Moment The extreme tensile steel fibre stress equals to the yield strength (f,), or
when the extreme compressive concrete fibre strain is equal to 0.002,

depending on whichever occurs first as suggested by Priestley et al.

(2007).
Nominal Yield The extreme tensile steel fibre strain equals to 0.015, or when the extreme
Moment compressive concrete fibre strain equals to 0.003, depending on

whichever occurs first.

The curvature at nominal yield is then calculated as suggested by Priestley

etal. (2007);
M

N
¢ny = ¢y
M,
Ultimate Moment Is the point at which maximum moment is observed but it is limited to the
following conditions, depending on whichever one occurs first; when the

extreme tensile steel fibre strain equals to 0.6&,,, or when the extreme

compressive concrete fibre strain equals to 0.004.

Table 7-4: First two fundamental building periods (in seconds)

Building T1 T

2-storey plan-symmetric 0.162 0.085
2-storey plan-asymmetric 0.162 0.066
5-storey plan-symmetric 0.729 0.382
5-storey plan-asymmetric 0.787 0.458
9-storey plan-symmetric 1.673 0.897
9-storey plan-asymmetric 1.525 0.952
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7.3 GROUND MOTIONS FOR TIME HISTORY ANALYSIS

One of the main challenges associated with conducting assessment of buildings in low-to-
moderate seismic regions is the selection of ground motions. This is especially the case
when bidirectional ground motions need to be applied. Most studies which have
conducted bidirectional time history analyses have used historical records for which two
horizontal components are available and thus are directly applied to the building model.
The stronger component of the record, typically identified as the record with the higher
PGA is applied along the primary direction of the building with the weaker component
applied to the secondary direction (Humar & Kumar, 1999). However, as discussed
previously, historical records are scarce for regions of low-to-moderate seismicity
especially when conducting assessment of buildings which require strong motion records
that cause collapse of buildings. Therefore previous studies which have not used historical
records resort to using two generated records for a given intensity (Lumantarna, 2012;

Ghersi and Rossi, 2001).

In this study 40 pairs of unscaled records have been selected to conduct dynamic time
history analyses. The records have been selected such that they cover a wide range of IM
values and are characteristic of Australian earthquakes. The pair of records selected are a
combination of: (i) stochastically generated records obtained using the program GENQKE
(Lam, 1999) which is capable of producing ground motions that are representative of
Australian earthquakes (two records are generated for a given intensity), (ii) historical
records with characteristics representative of Australian earthquakes, including that they
are shallow earthquakes with reverse fault mechanisms (Brown & Gibson, 2004), (iii)
simulated records on soil conditions by using the nonlinear site response program
DEEPSOIL (Hashash et al., 2016) and using generated and historical rock records as input
ground motions. It is noted that DEEPSOIL, which is capable of conducting nonlinear
analysis, was used instead of SHAKE2000. SHAKE2000 is only capable of conducting
equivalent linear analyses and some of the input records may have caused the soil strain
to exceed the limits for which equivalent-linear analyses are valid. The soil profiles used
are those presented in Section 2.4.4 which were utilised to develop the proposed model

for incorporating the effects of local site conditions.

For the historical records, which comprise approximately 25 % of the 40 pairs of records,
the median ratio of the PGA of the weaker-to-stronger components of the earthquake is
80 %, whereas the median ratio for the generated records is approximately 90 %.

Therefore no reduction factor is required to be applied to the weaker component of the
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generated records for the same magnitude and distance combination based on the
conventional method of quantifying the intensity of earthquakes. In addition, it is noted
that the median ratio of RSD,,,, of the weaker-to-stronger components of the historical
earthquake records is 66 %, whereas the median ratio of the generated records is
approximately 76 %. The median ratio of PGV of the weaker-to-stronger component of the
historical earthquake records is 76 %, whereas the median ratio of the generated records
is approximately 89 %. Hence, the ratios of the weaker to stronger IMs obtained for the
two components of the historical records, and for the two components of the generated
ground motion records, are reasonably similar when using the intensity measures: PGA,

RSDax, and PGV.

7.4 RESULTS FOR BUILDINGS WITH PLAN SYMMETRY

When investigating the performance of plan-symmetrical buildings, it is common practice
to apply unidirectional seismic loading along the weaker principal axis of the building.
This is because the simultaneous ground motion acting along the stronger axis of the
building is likely to have a small effect on the response of the building in the weak
direction. Hence for the archetypal buildings with plan symmetry, time history analyses
are conducted by applying the stronger component of the two horizontal ground motions
(defined by the larger PGA), referred to as the x-component, along the weaker axis of the

buildings. For each analysis the maximum rotational or drift demand-to-capacity ratio,

which defines the critical demand-to-capacity ratio (Y, also referred to as g—D), is obtained
c

for each performance level as defined in Section 6.4. Then the cloud analysis method is
used to develop the PSDMs. The following limits have been applied to consider collapse
cases; that is, the data that is not included in the PSDM to compute P(Y > 1|IM, ¢), for the
various performance levels:

e Serviceability, collapse cases are considered to be when Y > 500

e Damage Control, collapse cases are considered to be when Y > 50

e Life Safety, collapse cases are considered to be whenY > 10

e C(Collapse Prevention, collapse cases are considered to be whenY > 5
It is noted that the collapse case limits for Serviceability and Damage Control do not
significantly affect the fragility curves since Y is much greater than 1.0 for most of the
analyses, and hence similar results are obtained whether or not the limits are applied. The
collapse case limits for Life Safety and Collapse Prevention have been selected to ensure

that the outliers due to numerical instabilities are not included in the cloud data to obtain

Ny|im,c and ,BY|IM,5-
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Before the fragility curves are developed it is necessary to investigate which IM is the most
suitable parameter for the particular study being conducted. Statistically, the IM that is
most suitable for use in developing the fragility curves is the IM which provides the
highest correlation with the buildings response and hence the lowest dispersion (Byju,¢)-
Therefore, regression analysis is conducted for the PSDMs using different IMs to obtain
the dispersion for each performance limit. Firstly, the IMs investigated are obtained from
the applied ground motion; that is, the x-component of the two horizontal ground motion
records for each intensity. The IMs investigated are: peak ground acceleration (PGA), peak
ground velocity (PGV), peak ground displacement (PGD), maximum spectral acceleration
response (RSA,.x), maximum spectral displacement response (RSD,,.x), the spectral
acceleration and displacement response at the fundamental translational building period
(T1) and at multiples of the fundamental building period (1.5T; and 2.0T;). The dispersion
obtained for the various IMs are displayed in Figure 7-9 for the 2-, 5- and 9-storey
building. Secondly, the IMs are calculated by using the geometric mean of the x- and y-
component of two horizontal ground motion records as suggested by Baker and Cornell
(2006). It is noted that for IMs which are based on spectral response values that depend
on the fundamental building period, the second fundamental translational period is used
to obtain the spectral response for the y-component of the ground motions. The dispersion
obtained using the geometric mean of the two components of the ground motions is

provided in Figure 7-10 for the 2-, 5- and 9-storey building.

Interestingly, it is observed that in general the dispersion tends to decrease slightly when
the geometric mean of the two components of the ground motions is computed rather
than only the x-component. Since the results show an improved correlation when the
geometric mean of the two horizontal components is used to compute the IM, it will be
adopted in this study to represent the IM for symmetrical buildings which are only excited
along the x-direction. This also allows a consistent comparison with asymmetrical
buildings which are excited in both the x- and y-direction, and as discussed by Baker and
Cornell (2006) it provides a more consistent method of relating the IM to hazard studies

and return periods.

The results in both Figure 7-9 and Figure 7-10 show that a different IM provides the
lowest dispersion for the different building heights and performance levels. However, the
[Ms that tend to provide the lowest dispersion for all of the buildings analysed and for the
four performance levels investigated are PGV, PGD, and RSD,,.4. Interestingly, it is
observed that the correlation with PGA, which has been the conventional IM for

developing fragility curves, is quite poor in comparison to PGV, PGD, and RSD;,.x.
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Furthermore, the results show that in general the correlation between any intensity
measure and building response improves for performance levels corresponding to a
higher level of damage. It is noted that this observation is primarily because the
performance levels in this study have been defined based on multiple criteria, including
the response of the building components and the maximum interstorey drift limits. Thus, a
different criterion tends to govern the response of the building for a given performance
level. Most of the previous studies which have examined the dispersion between the
building response and intensity measure have only examined maximum interstorey or
roof drift as the engineering demand parameter (Bojorquez et al, 2017; Jankovic &
Stojadinovic, 2004; Lucchini et al., 2011). Hence, for these studies the dispersion is the

same for all performance levels.
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Figure 7-9: Dispersion factors for buildings with plan symmetry computed using only the x-

component of the ground motion
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Figure 7-10: Dispersion factors for buildings with plan symmetry where the IM is computed using

the geometric mean of x- and y-component of the ground motions

In addition to selecting an IM that provides a high correlation between the IM and the
building response, it is also important to select an IM which is capable of accurately
representing ground motion intensities that can be related to earthquake return periods.
When conducting seismic hazard analyses and developing ground motion prediction

equations it has not been common practice to define earthquake intensity with respect to
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PGD. In Australia, the current hazard map in AS 1170.4:2007 has been developed based on
PGV values on rock (PGV.) conditions (i.e. site Class B in accordance with
AS 1170.4:2007) from which the notional PGA values are computed using Eq. 7-1. These
notional PGA values represent the hazard factors (Z) in AS 1170.4:2007. The hazard values
on the map correspond to a return period of 475 years (i.e. approximately 500 year return

period event).

Building on the hazard values obtained from PGV, various transformations have then
been applied to develop the spectral shape factors (C,(T)) in AS 1170.4:2007 for the
different site classes. From the spectral shape factors the acceleration, velocity, and
displacement response spectra may be obtained. The parameters which are of interest in
this study are PGV and RSD,,.,, since they consistently provide the lowest dispersion
between the IM and structural response of the buildings analysed. However, for the
purpose of comparison, fragility curves will also be developed using the conventional IM,

PGA.

The PGV values for various return periods may be obtained by multiplying the PGV on
rock by the probability factor (k,), in accordance with AS 1170.4:2007. Furthermore, the
PGV values for various site conditions may be obtained by multiplying the PGV on rock by
the site amplification factors in the velocity controlled region (F,) which are computed
from the spectral shape factors. The PGA values for various site conditions may be
computed by multiplying the PGA on rock by the site amplification factors in the
acceleration controlled region (F,). The maximum spectral displacement response
(RSD,ax) may be obtained from the maximum spectral velocity response (RSVa.x) by
using the expression in Eq. 7-2. RSV, in AS 1170.4:2007 has been computed by
multiplying the PGV, and F, by 1.8 as illustrated in Eq. 7-3. The 1.8 factor has been
suggested by Wilson and Lam (2003) and similar methods of transforming PGV values to

RSV,,q4x are also suggested in more recent studies (Huang & Whittaker, 2015).

PGV, mm/s Eq.7-1
notional PGA,,q (9) = TOC;S(O /5) q
Ty 1.5 Eq.7-2
RSDpax = RSVinax (E) = RSVinax (E)
RSViyax = 1.8PGVyoi.. F, Eq.7-3

To provide an indication of the performance of the buildings at various return periods, the

PGA, PGV and RSD,,,x are computed for a 500 and 2500 YRP event in accordance with
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AS 1170.4:2007 and are provided in Table 7-5, Table 7-6, and Table 7-7, respectively. The
values have been computed for a site with a hazard factor (Z) of 0.1 g which corresponds
to the hazard factor for Adelaide which is currently the capital city with the highest
seismic hazard. Hence, the k,Z values corresponding to a 500 and 2500 YRP event are
0.1 g and 0.18 g, respectively. Furthermore, in Table 7-7 the RSD,;,,x values obtained from
the site response study in Section 2.4.4, for a 500 and 2500 YRP event corresponding to
k,Z value of 0.1 g and 0.3 g, respectively is provided. It is noted that for the site response
study, the k,Z factor corresponding to a 2500 YRP event was taken as 0.3 g since it is
believed to be a better representation of the increase in seismicity from a 500 YRP event

to a 2500 YRP event for regions with low-to-moderate seismicity.

Table 7-5: PGA values for a 500 and 2500 YRP event corresponding to k,Z factor of 0.1 g and
0.18 g on rock in accordance with AS 1170.4:2007

Site condition Fa PGA (g)

500 YRP 2500 YRP
Class A 0.80 0.08 0.15
Class B 1.0 0.1 0.18
Class C 1.25 0.13 0.23
Class D 1.25 0.13 0.23
Class E 1.25 0.13 0.23

Table 7-6: PGV values for a 500 and 2500 YRP event corresponding to kpyZ factor of 0.1 g and
0.18 g on rock in accordance with AS 1170.4:2007

Site condition Fy PGV (mm/s)

500 YRP 2500 YRP
Class A 0.80 61 110
Class B 1.0 76 137
Class C 1.42 108 195
Class D 2.25 172 309
Class E 3.50 267 481

Table 7-7: RSDmax values (in mm) for a 500 and 2500 YRP event in accordance with
AS 1170.4:2007 and site response study

Site condition AS 1170.4:2007 Site response study
500 YRP 2500 YRP 500 YRP 2500 YRP
Class A 26 47 26 79
Class B 33 59 37 115
Class C 47 84 55 173
Class D 74 133 74 225
Class E 115 207 NA NA
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The probabilistic seismic demand models using the cloud analysis method are provided
for when the intensity measure is PGA, PGV, and RSD,, .y, for the 2-, 5- and 9-storey
buildings in Figures 7-11 to 7-19. The corresponding fragility curves are provided in
Figures 7-20 to 7-22. The fragility curves represented with a solid line are computed by
only considering the dispersion due to the critical demand-to-capacity ratio as a function
of IM for non-collapse data (Byu,¢), the fragility curves represented with a broken line are
computed by considering fy|;u,c and dispersion due to uncertainty in defining the capacity
of the building (B;) and modelling uncertainties (5,), which are set to 0.3 and 0.2,
respectively as discussed in Section 6.2. The difference between not considering and
considering B; and Sy to compute the fragilities is greater for the performance levels
corresponding to a higher level of damage, namely Life Safety and Collapse Prevention. This
is because Byy ¢ is lower for these performance levels, thus adding ¢ and ), has more of
an effect on the shape of the fragility curves. Furthermore, the fragilities computed for the
performance levels corresponding to lower levels of damage, have a higher probability of
exceedance at lower intensity measures, therefore the increase in uncertainty has a lower
effect on the shape of the fragilities. Hence, it may be concluded that the consideration of
uncertainties becomes particularly important for performance levels corresponding to

higher levels of damage.

The results illustrate that there is a significant difference between the capacity of the
buildings at Life Safety and Collapse Prevention, especially as the height of the buildings
increases. The structural damage limits at these two performance levels were defined to
correspond to the initiation of loss of lateral load carrying capacity and loss of axial load
carrying capacity. The loss of lateral load carrying capacity is predominantly governed by
the response of the core walls. The loss of axial load carrying capacity is predominantly
governed by failure of the ground level columns since as the core walls start to lose their
stiffness the lateral load is resisted by the gravity frames. Hence, the results show that
collapse of the gravity system does not occur prior to the ultimate capacity of the core

walls being reached.

Furthermore, to provide an indication of the performance of the buildings, the intensity
measures corresponding to a 500 and 2500 YRP event in accordance with AS 1170.4:2007
for site classes ranging from A to E (defined in Table 7-6) are shaded on Figures 7-20 to 7-
22. By looking at the extreme ends of the shaded regions (which represent the IM on Class
A and Class E) it is apparent that the probability of exceedance for the various
performance levels varies depending on the selected intensity measure. This is an

interesting observation, as it illustrates that different conclusions could potentially be
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derived for the same building depending on the IM selected to plot the fragility curves. The
largest difference in the computed probability of exceedance is apparent when PGA
instead of PGV or RSD,,,x is used as the IM. This is because PGA is not a good IM to

represent the varying levels of ground shaking caused by earthquakes.
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In order to select the IM to interpret the results obtained from the fragility curves with
respect to performance objectives, direct comparison between the probability of
exceedance computed when the IM is set to PGV or RSD,,,,x is made for various site classes
in Figure 7-23 and Figure 7-24 for a 500 YRP and 2500 YRP event, respectively as defined
earlier in accordance with AS 1170.4:2007. It is noted that the probabilities of exceedance
which are computed exclude B¢ and By. Furthermore, PGA is not considered since it
provides a poor correlation with the building response and it is not a suitable IM to

represent the varying degrees of seismic excitation, particularly on soil sites.

The results in Figure 7-23 and Figure 7-24 illustrate that for the performance levels which
correspond to lower levels of damage (Serviceability and Damage Control), higher
probabilities of exceedance are predicted if RSD, ., is adopted as the IM, for the cases for
which the probability of exceedance is lower than 1.0. For the performance levels
corresponding to higher levels of damage (Life Safety and Collapse Prevention), the
probabilities of exceedance predicted using RSD.., and PGV as the IM are similar.
However, it is noted that slightly higher probabilities of exceedance are predicted if PGV is
adopted as the IM (the exceptions to this are the probabilities of exceedance predicted for
the 2-storey building for the Life Safety limit state). When assessing the seismic
performance of older buildings, the performance levels corresponding to higher levels of
damage are often of greater interest. Therefore, for the case of plan-symmetric buildings, it
is suitable to select PGV as the IM for conducting the assessment since it tends to provide
conservative results for the performance levels corresponding to higher levels of damage.
Furthermore, the relationships defined in AS 1170.4:2007 between the IM and return
periods are more direct when the IM is PGV rather than RSD,,,«. The equation used to
convert PGV, ycx to RSDy,.« involves defining the second corner period. As discussed in
Section 2.3.2, the second corner period for soil sites may be significantly different to rock
sites; therefore the assumption of using a constant second corner period of 1.5 seconds

introduces an additional source of inaccuracy.
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7.5 RESULTS FOR BUILDINGS WITH PLAN ASYMMETRY

For buildings with plan asymmetry torsional resistance is provided by both the parallel
and orthogonal elements. Therefore, the application of bidirectional ground motion
becomes important to ensure that the contribution of the orthogonal elements is not over
estimated during 3D time history analysis. Hence, for the archetypal buildings with plan
asymmetry, time history analyses are conducted by applying the two horizontal
components of the ground motion along the principal axes of the buildings. The stronger
components of the two ground motions (i.e. the x-component) is applied along the weak
direction of the building (i.e. along the x-axis), and the weaker component of the ground
motions (y-component) is applied along the strong direction of the building (i.e. along the

y-axis).

As discussed in Section 7.2.3, since the lumped plasticity approach is unable to capture the
effects of biaxial bending, each plan-asymmetric archetypal building (2-, 5-, and 9-storey
building) is analysed 3 times using different backbone definitions to investigate the effect
of varying degrees of reduction of moment and drift capacities to account for biaxial
bending. The three different wall and column backbone definitions which are modelled
include when: (i) no reduction factors, (ii) medium bound reduction factors, and (iii)
lower bound reduction factors, are applied to the backbones which have been originally

defined for unidirectional loading.

For each time history analysis the critical demand-to-capacity ratio is obtained for each
performance level in both the x- and y-direction. Due to the plan-asymmetric nature of the
buildings, the performance levels may be reached first in either the x- or y-direction. To
plot the fragility curves in one-dimension it is necessary to combine the building response
in the x- and y-directions. One method to represent the building response for asymmetric
buildings is to compute the square-root-of-the-sum-of-squares (SRSS) of the maximum
response obtained in the x- and y-direction. This has mainly been adopted by studies
which utilise storey level damage indicators (such as interstorey drift) to define
performance levels and the effect of bidirectional loading is not directly captured on a
local level (such as higher strain demands due to biaxial bending) (Jeong & Elnashai, 2004;
Manie et al,, 2015; Xu & Gardoni, 2016). Therefore this method of combination of the
building response in the x- and y-direction is adopted to provide a better representation of
the global response of the building due to bidirectional loading since a higher damage is
predicted in comparison to considering the response of the building in one direction only.

In this study this approach is most suitable to obtain the fragility curves for the plan-
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asymmetric buildings which have been analysed without applying any reduction factors to
the moment and drift capacity of the walls and columns to account for biaxial bending.
Hence, the critical demand-to-capacity ratio for these building models may be computed

using Eq. 7-4.

e Eq. 7-4
Yyeysrss = Y + Y7

The other method to combine the response obtained in the x- and y-direction is to simply
take the maximum response obtained in either direction. This approach is a suitable
method for this study for obtaining the fragility curves for the plan-asymmetric buildings
for which the effects of biaxial bending have been considered. This is because the
performance levels have been defined based on the first component which reaches a
certain damage limit or when maximum interstorey drifts are reached at any location of
the buildings. Therefore the SRSS method of computing the critical demand-to-capacity
ratio would be too conservative since the effects of biaxial bending have already been
accounted for at an element level. Hence, for these building models the critical demand-to-

capacity ratio may be computed using Eq. 7-5.
Yy,ymax = maximum(Yy, Y,) Eq.7-5

The intensity measure for the asymmetric buildings is obtained by calculating the
geometric mean of the x- and y-component of the ground motion as discussed for the
symmetric buildings. Furthermore, the same limits which were adopted for the various
performance limits to define collapse cases have been applied to exclude data associated

with numerical instabilities to compute P(Y > 1|IM, ¢).

A comparison between the fragility curves obtained using the different methods to
compute the critical demand-to-capacity ratio is provided in Figures 7-25 to 7-27. The
fragility curves are computed for the plan-asymmetric buildings for which no reduction
factors have been applied to account for biaxial bending. Four different methods are used
to compute the critical demand-to-capacity ratio, including: (i) only the response in the x-
direction is considered, Yy, (ii) only the response y-direction is considered, Y,, (iii) the
response in the x- and y-direction are combined using the SRSS approach, Y, , sgss, and
(iv) the maximum response in either the x- or y-direction is obtained, Yyymax-
Furthermore, the results are only presented for when PGV is selected as the IM, however,
similar trends are expected for other IMs. The results indicate that the method used to

compute the critical demand-to-capacity ratio has a larger effect for the performance
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levels corresponding to higher levels of damage. The method of computing the critical
demand-to-capacity ratio as Yy, sgss always provides the most conservative response,
that is; a higher probability of exceedance is predicted for the various performance levels
in comparison to the other methods of computing Y. This is why this method is most
suitable for obtaining the response of buildings for which the effects of bidirectional
loading are not simulated in the nonlinear model. Furthermore, computing the critical
demand-to-capacity ratio using Yy, max, in general, provides higher probabilities of
exceedance in comparison to computing the critical demand-to-capacity ratio in just one
principal direction of the building. This implies that the method of computing the critical
demand-to-capacity ratio as the maximum response in either of the principal directions of
the building will generally result in conservative predictions for the fragility curves in
comparison to computing the critical demand-to-capacity ratio by considering the

response of the building in one direction only.
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Figure 7-25: Comparison between different methods for calculating the critical demand-to-

capacity ratio for the 2-storey plan-asymmetric building at different performance levels: (a)

Serviceability, (b) Damage Control, (c) Life Safety, and (d) Collapse Prevention
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Figure 7-26: Comparison between different methods for calculating the critical demand-to-
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Figure 7-27: Comparison between different methods for calculating the critical demand-to-

capacity ratio for the 9-storey plan-asymmetric building at different performance level: (a)

Serviceability, (b) Damage Control, (c) Life Safety, and (d) Collapse Prevention

The results obtained from the plan-symmetric buildings indicated that PGV or RSD, .«
were the most suitable parameters for developing fragility curves for the buildings
assessed. Furthermore, it was concluded that for the purpose of relating the fragility
results to performance objectives PGV may be adopted. In order to examine the suitability
of PGV and/or RSD,,, . for plan-asymmetric buildings, the dispersion related to the critical
demand-to-capacity ratio as a function of IM (By|;um,¢) is plotted in Figure 7-28 and Figure
7-29 where the critical demand-to-capacity ratio is calculated as Yy, spss and Yy ymax,
respectively. The results presented are for the plan-asymmetric buildings for which no
reduction factors have been applied to the wall and column backbones to account for

biaxial bending. It is evident that there is no significant difference in correlation between
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the building response and IM for whether the critical demand-to-capacity ratio is
computed using Yy, srss O Yyymax- Furthermore, similar to the buildings with plan
symmetry, it is observed that in general the IMs which consistently demonstrate a good
correlation with the building response for different performance levels and building
heights are PGD, PGV, and RSD,x. Thus, PGV or RSD,,., are both suitable IMs for plan-

asymmetric buildings in terms of providing a good correlation with the building response.
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Figure 7-28: Dispersion factors for buildings with plan asymmetry where the critical demand-to-

capacity ratio is calculated using Yxy.srss
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Figure 7-29: Dispersion factors for buildings with plan asymmetry where the critical demand-to-

capacity-ratio is calculated using Yxy.max

Figures 7-30 to 7-32, compare the fragility curves computed for the 2-, 5-, and 9-storey
building with plan symmetry and asymmetry for the four performance levels for which the
intensity measure is set to PGV and RSD,,,x. Furthermore, for completion the results are
also provided using the conventional IM, PGA. Different methods are used to compute the

fragility curves for the plan-asymmetric buildings depending on how the buildings have
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been modelled. For the building models which do not incorporate reductions for the walls
and columns capacities to account for biaxial bending; the critical demand-to-capacity
ratio are calculated using the SRSS of the response in the x- and y-direction (referred to as
Asym. no reduct. SRSS model). For the purpose of comparison, for the same building model,
the critical demand-to-capacity ratio is also calculated by taking the maximum response in
the x- and y-direction (referred to as Asym. no reduct. Maximum model). For the building
models for which either medium bound or lower bound reduction factors have been
applied to compute the backbone for the walls and the columns, the critical demand-to-
capacity ratio is calculated by taking the maximum response in the x- and y-direction
(referred to as Asym. med bound reduct. model and Asym. low bound reduct. model). In
addition, similar to the results presented for the plan-symmetric buildings, the intensity
measures corresponding due to a 500 and 2500 YRP event in accordance with
AS 1170.4:2007 for site classes ranging from A to E are shaded. It is also noted that the
fragility curves presented are computed without considering the dispersion due to

capacity and modelling uncertainties (8. and Sy).

It can be seen that for all of the building heights investigated, the plan-asymmetric
buildings perform worse than the plan-symmetric buildings. The difference in response
between the fragility curves obtained for the plan-symmetric buildings and for the Asym.
no reduct. Maximum plan-asymmetric building models, suggest that the poorer
performance of the asymmetric buildings is predominantly based on the increase in

seismic demand due to the plan configuration of the buildings.

It is also observed that the difference between the various methods used to model and
compute the response of plan-asymmetric buildings becomes larger for performance
levels corresponding to higher levels of damage. It is noteworthy that the difference in
response for performance levels corresponding to lower levels of damage is almost
negligible. This again highlights the variability in predicting the response of buildings at
higher levels of damage especially close to collapse of RC buildings. The method suggested
in the literature to obtain the building response by computing the SRSS of the maximum
response in the x- and y-direction (i.e. Asym. no reduct. SRSS model) tends to provide
similar predictions of probabilities of exceedance to the building models for which the
effects of biaxial bending are incorporated by adopting medium bound reduction factors
(i.e. Asym. med bound reduct. model). This indicates that the suitability of the SRSS method
to account for bidirectional loading is highly dependent on the detailing of the RC
buildings and the extent of damage that may occur under biaxial bending. In this study, the

lower bound reduction factors were selected to be a conservative representation of the
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response expected for non-ductile RC components and lightly reinforced walls since
experimental data on these types of components is limited. The medium bound reduction
factors provide a good representation of RC components with better detailing than those
modelled in the archetypal buildings. Therefore the SRSS does not necessarily provide
conservative results for poorly detailed RC buildings for which the effects of bidirectional
loading are not considered. However, it is also noted that the approach of reducing the
backbone prior to conducting the time history analyses, which is required for the lumped
plasticity approach (adopted in this study), is not the most accurate method of simulating
biaxial bending. Nevertheless, the adopted lumped plasticity approach is currently the
most reliable method for simulating the response of 3D RC buildings up to the point of

collapse.

In order to directly compare the difference in fragility curves computed using either PGV
or RSD,.x, the probability of exceedance for each performance level for the various site
classes (without considering 3¢ and 3) is presented using each IM under a 500 YRP and
2500 YRP event defined earlier in accordance with AS 1170.4:2007 in Figure 7-33 and
Figure 7-34, respectively. For the purpose of comparison the results are only presented
graphically for the plan-asymmetric buildings which have been modelled without any
reduction in component capacities to account for biaxial bending and hence the critical
demand-to-capacity ratio is computed as Yyy srss- However, similar trends exist for the

other modelling techniques adopted for the plan-asymmetric buildings.

It is observed that, in general, the probabilities of exceedance which are predicted using
RSD,,4x are greater than those predicted using PGV as the IM, for Serviceability, Damage
Control, and Life Safety for which the probability of exceedance is less than 1.0. However,
similar to the plan-symmetric buildings, the probabilities of exceedance are higher for the
Collapse Prevention limit state under a 2500 YRP event when PGV is used as the IM. Thus,
depending on the performance objectives examined the use of PGV or RSD,x may
provide more conservative results. However, as discussed in Section 7.4, the equation used
to relate PGV to return periods and various site conditions is more direct than RSDy,.«
when using the approach in AS 1170.4:2007. Therefore, PGV is considered to be a more
reliable IM for evaluating the building response from fragility curves with relation to

performance objectives.
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Figure 7-30: Comparison between fragility curves for 2-storey plan-symmetric and plan
asymmetric buildings using PGA, PGV and RSDnax as IM (green curves: Serviceability, purple

curves: Damage Control, blue curves: Life Safety, grey curves: Collapse Prevention)
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7.6 EVALUATION OF THE SEISMIC PERFORMANCE OF THE ARCHETYPAL BUILDINGS

A summary of the median response of the fragility curves (i.e. the IM at the median
probability of exceedance) for the various intensity measures; PGA, PGV, and RSD,,,, is
provided in Tables 7-8 to 7-10, respectively. For the plan-asymmetric buildings, the
median probability of exceedance is provided for the three different modelling
approaches: (i) Asym. no reduct. SRSS, no reductions are applied to the unidirectional
moment and drift capacities to account for biaxial bending and the critical demand-to-
capacity ratio was computed using Yy ,, sgss, (ii) Asym. med bound reduct, medium bound
reduction factors are applied to account for biaxial bending for the wall and columns, and
the critical demand-to-capacity ratio is computed using Yy y mqy, and (iii) Asym. low bound
reduct, low bound reduction factors are applied to account for biaxial bending, and the

critical demand-to-capacity ratio is computed using Yy max-

Table 7-8: Median PGA (g) response of the fragility curves for the various building models

Building model Performance Level

S DC LS CP

2-storey Symmetric 0.054 0.135 0.349 0.769
Asym. no reduct. SRSS 0.057 0.114 0.275 0.476

Asym. med bound reduct. 0.049 0.106 0.251 0.468

Asym. low bound reduct. 0.049 0.081 0.194 0.428

5-storey Symmetric 0.090 0.206 0.439 0.832
Asym. no reduct. SRSS 0.033 0.106 0.218 0.476

Asym. med bound reduct. 0.041 0.089 0.194 0.476

Asym. low bound reduct. 0.033 0.073 0.162 0.428

9-storey Symmetric 0.117 0.296 0.492 1.207
Asym. no reduct. SRSS 0.049 0.186 0.283 0.646

Asym. med bound reduct. 0.049 0.170 0.267 0.654

Asym. low bound reduct. 0.041 0.162 0.235 0.557

Table 7-9: Median PGV (mm/s) response of the fragility curves for the various building models

Building model Performance Level

S DC LS CP

2-storey Symmetric 30 79 220 517
Asym. no reduct. SRSS 28 61 176 342

Asym. med bound reduct. 26 52 155 338

Asym. low bound reduct. 22 38 117 292

5-storey Symmetric 47 124 307 638
Asym. no reduct. SRSS 15 55 133 355

Asym. med bound reduct. 18 45 114 348

Asym. low bound reduct. 18 38 93 287

9-storey Symmetric 53 195 350 988
Asym. no reduct. SRSS 22 108 183 478

Asym. med bound reduct. 22 101 172 488

Asym. low bound reduct. 20 85 146 411
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Table 7-10: Median RSDmax (mm) response of the fragility curves for the various building models

Building model Performance Level

S DC LS CP

2-storey Symmetric 7 22 81 235
Asym. no reduct. SRSS 6 16 66 155

Asym. med bound reduct. 6 13 55 153

Asym. low bound reduct. 5 9 40 127

5-storey Symmetric 12 40 125 317
Asym. no reduct. SRSS 4 14 46 163

Asym. med bound reduct. 4 12 38 154

Asym. low bound reduct. 4 10 29 121

9-storey Symmetric 13 70 149 559
Asym. no reduct. SRSS 6 36 68 229

Asym. med bound reduct. 5 33 65 240

Asym. low bound reduct. 4 26 52 193

To evaluate the seismic performance of the archetypal buildings with respect to
performance objectives the Basic Safety Objective as described in FEMA 356, discussed in
Section 6.5, is adopted. A summary of the probability of exceedance for the plan-
symmetric and plan-asymmetric buildings is presented in Figure 7-35 for Life Safety under
a 500 YRP event, and Collapse Prevention under a 2500 YRP event (corresponding to k,Z
of 0.1 g and 0.18 g on rock) computed for the various site classes in accordance with
AS1170.4:2007, using PGV as the IM. The minimum (MIN) and maximum (MAX)
probabilities of exceedance predicted by the various methods that are commonly used to
obtain the fragility curves are plotted. For the plan-symmetric buildings this involves
considering the predicted response using PGV as the IM and whether or not - and ), are
included in the fragility functions. In addition to these variables, for the plan-asymmetric
buildings, the range of values also consider the various methods used to obtain the
fragility curves, including: (i) the building model for which the effects of biaxial bending is
not considered in the component capacities, however, the critical demand-to-capacity
ratio is computed using Y, sgss, (ii) the building model for which medium bound
reduction factors are applied to account for biaxial bending for the wall and columns, and
the critical demand-to-capacity ratio is computed using Y, mqx, and (iii) the building
model for which lower bound reduction factors are applied to account for biaxial bending,

and the critical demand-to-capacity ratio is computed using Yy y max-

For most cases there is a range between the minimum and maximum probability of
exceedance predicted for a particular building. The difference between the minimum and
maximum values obtained is consistently greater for the buildings with plan asymmetry in

comparison to the buildings with plan symmetry. This is because for the plan-asymmetric
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buildings different modeling methods were considered to provide an approximation for
the effects of biaxial bending. The maximum values are predominantly governed by the
models for which lower bound reduction factors were applied to account for biaxial
bending and, as discussed in Section 7.5, this is considered to be a better representation of

the archetypal buildings being assessed here.
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Figure 7-35: Maximum and minimum probability of exceedance computed for the archetypal

buildings for basic safety performance objectives

The results clearly demonstrate the superior performance of the plan-symmetric buildings
in comparison to the plan-asymmetric buildings. Furthermore, the results for the plan-
symmetric buildings illustrate the poorer performance of the buildings with reduced
height. This is generally expected since taller buildings perform better under earthquakes
due to their inherent flexibility. However, the same observation is not made with the plan-

asymmetric buildings, especially for the Life Safety limit state under a 500 YRP event. This
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is due to the difference in plan configurations and different eccentricities and thus a direct
comparison between the different buildings heights cannot be made. In summary, the
results suggest that the most vulnerable buildings are plan-asymmetric buildings and
plan-symmetric low-rise buildings. It is demonstrated that they may have a high
probability of exceeding the Life Safety limit state under a 500 YRP event and the Collapse

Prevention limit state under a 2500 YRP event if located on softer sites.

7.7 SUMMARY

The results for the seismic fragility assessment of six archetypal buildings which are 2-, 5-
and 9-storeys high and have building configurations with plan symmetry and plan
asymmetry have been presented in this chapter. The archetypal buildings are
representative of older buildings constructed in Australia before the requirement for
seismic design was mandated on a national basis. Therefore, the findings of the study may

be used to determine the vulnerability of the older building stock in Australia.

The assessment is conducted by performing dynamic time history analyses of the 3D
nonlinear models of the archetypal buildings. The cloud analysis method is used to
develop probabilistic seismic demand models for four performance levels from which the
fragility curves are computed. The importance of carefully selecting a suitable intensity
measure has been discussed as it can significantly affect the level of vulnerability of the
buildings that is predicted from the resulting fragility curves. In addition, other potential
causes of variations in computing the fragility curves are presented, including the different
ways used to account for the effects of biaxial bending when determining the response of
plan-asymmetric buildings. Finally, the response of the buildings is evaluated by
comparison with performance objectives suitable for existing buildings. This is achieved
by looking at the maximum and minimum probabilities of exceedance predicted for the
five site classes using the various methods that have been deemed suitable for computing
the fragility curves for the archetypal buildings. PGV is used to represent the seismic
demand in accordance with AS 1170.4:2007. The results illustrate that the plan-
asymmetric buildings and the 2-storey plan-symmetric buildings are particularly
vulnerable to exceeding the Life Safety limit state under a 500 year return period event
and the Collapse Prevention limit state under a 2500 year return period event if located on

softer sites.
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RESEARCH

8.1 CONCLUSIONS

It is generally accepted that many buildings in Australia will perform poorly in the event of
a large earthquake. The predominant reason for this is that Australia is in an area of low-
to-moderate seismicity, and hence the probability of a large earthquake occurring at a
particular site within the lifetime of a building constructed on that site is small, and this
has resulted in a lack of enforcement of appropriate practice for seismic design. However,
over the years there has been an increasing interest in improving seismic design practice
in Australia and in assessing the seismic resilience of existing buildings. This is due to a
better understanding of the response of buildings to large seismic excitations and a
greater global awareness of the catastrophic losses that can be caused by earthquakes. In
particular, the Christchurch earthquake which occurred on 22nd February 2011 was a
wake-up call for Australia since the characteristics of the earthquake were very similar to
the type of earthquakes experienced in Australia. In addition, the buildings which
performed very badly during the Christchurch earthquake were constructed in a manner
which resembles the design practice in Australia, including poorly detailed RC buildings
and unreinforced masonry buildings. Hence, there is a need to quantify the vulnerability of
buildings to earthquakes in Australia in order to make informed seismic risk mitigation
decisions. This has been recognised by the Australian Government through the
establishment of the Cost-Effective Mitigation Strategy Development for Building Related
Earthquake Risk project under the Bushfire and Natural Hazards Cooperative Research

Centre (BNHCRC). This study forms part of the BNHCRC project.

The aim of this study was to assess the seismic performance of in-situ reinforced concrete
buildings which are under 10-storeys high and were constructed prior to 1995; that is,
prior to seismic design being mandated in all of the cities in Australia. This class of
buildings has been identified to be particularly vulnerable to earthquakes due to the
relatively low natural periods of buildings in this height range, and lack of consideration
given to seismic design and detailing. In particular, this study investigated the
performance of RC buildings detailed in accordance with AS 3600:1988. The assessment
was conducted by developing six archetypal buildings with plan symmetry and plan
asymmetry. Three building heights were investigated for each plan configuration,

including: 2-storey, 5-storey, and 9-storey buildings. Fragility curves were developed for
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the archetypal buildings by following the three stages of the performance-based
earthquake engineering assessment procedure; this included conducting hazard analysis,
structural analysis, and damage analysis. The seismic performance of the buildings was
evaluated with respect to the Basic Safety Objective, which included ensuring Life Safety
under a 500 year return period event and Collapse Prevention under a 2500 year return

period event.

The main contribution of this study was to assess the seismic performance of the non-
ductile RC buildings by considering the response of both the primary lateral load resisting
system and the gravity load resisting system. The following are the major research
findings and outcomes of this study which correspond to the research objectives stated in

Chapter 1.

i.  Characterise the seismic demand and determine a suitable hazard model to
be adopted for Australia.
A review of the hazard model adopted by the Australian earthquake loading
standard, AS 1170.4:2007 was presented. This hazard model was predominantly
based on probabilistic seismic hazard analysis that was completed in the early
1990s. Research is currently being undertaken by Geoscience Australia and in
collaboration with other researchers to change the hazard model for the new
revision of the Australian earthquake loading standard. However, some of the
proposed hazard models have demonstrated a significant reduction in seismic
hazard which has raised concerns within the Australian Earthquake Engineering
Society. A potential engineering solution to the lack of agreement amongst the
experts about the seismicity of Australia for the purpose of the design of new
buildings is to provide a minimum threshold hazard level. Currently the proposed
threshold is 0.08 g for a 500 year return period event which represents the current
hazard for some of the capital cities of Australia, including Melbourne and Sydney.
However, it is uncertain what form of changes will be applied to the probability
factor, ky, since the study conducted by GA demonstrated higher values than those
incorporated in AS 1170.4:2007 for events with a return period higher than 500
years. Since, at the time this study was conducted there had been no consensus on
a new hazard model for Australia, the hazard model in the current Australian
earthquake loading standard, AS 1170.4:2007 has been used as a guide to evaluate

the seismic performance of the archetypal buildings.
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ii.

Select suitable ground motions for site response analyses and nonlinear time
history analyses of RC buildings.

Due to the paucity of historical records, one of the main challenges associated with
conducting time history analyses for buildings located in low-to-moderate seismic
regions is the selection of ground motions. The selection of suitable ground motion
records was required in this study to conduct the site response study presented in
Chapter 2 and the assessment of the RC buildings presented in Chapter 7. The
selection of records for both cases have been selected following Kramer (1996) by
using (i) historical records which are representative of earthquakes within the
region of interest, supplemented by (ii) generated records since sufficient suitable

historical records are not available.

Historical records were selected such that they had characteristics typical of
Australian earthquakes, including: shallow earthquakes with reverse fault
mechanisms (Brown & Gibson, 2004), and realistic magnitude and distance (M-R)
combinations based on the attenuation models from Gaull et al. (1990) and Lam et
al. (2000a). Stochastically generated earthquakes were obtained using the
program GENQKE (Lam, 1999) which is capable of producing ground motions that
are representative of Australian earthquakes. By using stochastically generated
earthquakes to supplement the historical records, sufficient earthquake records
were available so that it was not necessary to use scaled records within the site
response study and the time history analyses of the buildings. Similar to the
historical records, the generated records were selected with realistic M-R
combinations as suggested by Australian attenuation models. However, for the
stronger intensity motions (particularly those required to cause Collapse
Prevention limit state of the buildings) some modifications had to be made to the

suggested M-R combinations.

Furthermore, to conduct the site response analyses, ground motions on rock were
selected such that their median response spectra approximately matched the
acceleration and displacement response spectra computed for a 500 and 2500
year return period event. This is because some of the parameters obtained from
the site response study were dependent on the shape of the acceleration response
spectra. Therefore for the purpose of consistency between the proposed approach
and the method in the standard it was necessary for the shape of the input rock

motion to approximately match with the shape proposed in AS 1170.4:2007.
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iii.

In order to conduct the 3D nonlinear dynamic time history analyses of the
archetypal buildings ground motion records were required with two horizontal
components. For the historical ground motions the recorded records in both the
horizontal directions were used. For the stochastically generated records, two
generated records for a given intensity were used, following the approach adopted
in other studies which have used generated records to apply bidirectional
excitation (Lumantarna, 2012; Ghersi and Rossi, 2001). Furthermore, simulated
records on soil conditions were obtained by conducting nonlinear time history site
response analyses of the soil profiles presented in the site response study in

Chapter 2.

Evaluate and improve the methods currently used to incorporate the
influence of local site conditions on seismic site response.

A detailed study was conducted to investigate the effects of local site conditions,
namely the weighted average shear wave velocity, depth to bedrock, and intensity
of ground motions, on the seismic response of typical rock, clay and sand sites. The
aim of the study was to examine the validity of the current method used to
incorporate site effects in codes, in particular, the method that is used in
AS 1170.4:2007. This is because recent studies have highlighted that the current
codified approaches have signicant limitations, especially when used to determine
the seismic demand on non-ductile buildings (Lam & Wilson, 2004; Tsang et al,,
2013). In the study that was conducted, the effects of local site conditions were
obtained based on correlations and observation of trends between site properties
representative of individual rock/soil profiles and seismic site response
parameters. This is in contrast to the method adopted by many studies which have
formed the basis of codes and standards, which involve computing the effects of
local site conditions by examining the average response spectra of numerous site

conditions within a site class.

The results from the study illustrated the importance of considering the
fundamental site period, which is a function of V; and the depth to bedrock, rather
than Vg3, alone, in understanding the seismic site response. Based on the findings,
re-classification of the site classes in AS 1170.4:2007 is recommended, with an
emphasis on the site period as a key criteria in classifying soil/soft rock classes.
Furthermore, a new systematic method is proposed for obtaining the displacement
response spectra. This method helps to significantly improve the prediction of

displacement response in the short period range up to the second corner period at
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iv.

which maximum displacement response occurs. Furthermore, other interesting
observations were obtained from the results which require further research. It
was observed the acceleration response spectra resulting from this study were
significantly higher than those in AS 1170.4:2007. The results also indicated that
the response of the site is highly dependent on the soil type, namely the plasticity
index of the soil, which is not currently directly accounted for by the standards and

codes.

Review the history of building design and construction in Australia and
develop archetypal building designs representative of older existing
buildings.

An investigation was conducted to obtain the history of the design of RC buildings
in Australia and hence to provide an understanding of the existing building stock,
including typical building configurations and design detailing. Since Australia does
not have a publicly available comprehensive inventory about the structural
information of existing buildings, this was achieved by speaking to and
corresponding with experienced practicing structural engineers and by reviewing
older editions of the Australian loading and concrete structures standards. The
discussions with the structural engineers helped to establish typical building
configurations and design details for buildings designed in the 1970s, 1980s, and
1990s, including: member spans, floor-to-floor heights, material properties,
reinforcement detailing and typical axial load ratios of members. The review of the
standards provided critical information about the detailing requirements, loading

requirements, and design material properties.

Based on the investigation, it was identified that wind load and lateral stability
were poorly considered in Australia until the late 1980s. In addition, nationally,
seismic design was not considered until 1995 when the requirement for
earthquake loading and design was referred to in the Building Code of Australia.
Furthermore, it was identified that RC buildings constructed in Australia prior to
1990 typically have in-situ reinforced concrete core walls as the lateral load
resisting system and perimeter moment resisting frames together with band-beam
or flat-slab floor systems as the gravity load resisting system. The design of core
walls to resist 100 % of the lateral loading has often resulted in the primary
system and secondary system being designed separately. This has raised concerns
about the displacement compatibility between the two systems and the potential

for the gravity system to fail prior to or immediately after the loss of the lateral
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load carrying capacity of the primary system. In addition, since consideration of
lateral load was poorly considered until the 1990s, the layout of the core walls in
buildings has often been governed by access and egress requirements (such as for
fire); this applies to both lift cores and stair cores. As a result, most of the buildings
constructed in this period have eccentrically placed cores since it was preferred
from an architectural standpoint. These findings emphasised the need to adopt a
holistic approach when assessing the buildings and to include the response of both
the primary and the secondary structural systems. For the purpose of this study,
the archetypal buildings were designed in accordance with AS 3600:1988.
However, it is noted that the design practice used in this standard was similar to
the preceding standards used in the mid-1970s and 1980s and the current
concrete structures standard, AS 3600:2009.

v. Identify the governing failure mechanisms of the building components
belonging to the lateral load and gravity load resisting systems; that is, the
core walls and the moment resisting frames.

The RC buildings assessed in this study had components that have been designed
with ordinary and limited ductile reinforcement detailing, namely; ordinary
moment resisting frames and limited ductile shear walls. This level of detailing is
generally categorised as non-ductile detailing (also referred to as non-conforming
detailing) in the literature. It corresponds to the detailing requirements in high
seismic regions prior to the 1970s; that is, prior to the introduction of seismic
detailing and capacity design principles. Thus, the extensive research which has
been conducted in regions of high seismicity, in addition to the research conducted
in regions of low-to-moderate seismicity on non-ductile buildings, was reviewed to
gain a better understanding of the local and global response of non-ductile
buildings. Furthermore, reconnaissance from previous earthquakes has also
provided very useful information in terms of understanding the deficiencies and

failure mechanisms of non-ductile buildings.

Based on the review it was concluded that for frames, the columns and beam-
column joints are the components most vulnerable to failure, and their failure can
lead to the collapse of buildings (Ghannoum & Moehle, 2012; Park & Mosalam,
2013b). Column failure instead of beam failure is more likely in non-seismically
designed gravity frames because the beams are designed to resist large bending
moments due to large gravity loads, and since they do not follow capacity design

principles, this has often resulted in the beams having larger moment capacities in
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comparison to the columns. Therefore, under lateral loading the undesirable
column-sway mechanism instead of the beam-sway mechanism is formed. Based
on the detailing of non-ductile columns, predominantly due to insufficient shear
reinforcement and confinement, it has been identified that they are particularly
vulnerable to flexure-shear and sometimes shear failure modes. In particular,
researchers have highlighted the importance of capturing flexure-shear behaviour
since significant degradation of shear strength can occur with increasing
deformations in the plastic hinge regions (Elwood & Moehle, 2003, 2005; Jeon et
al,, 2015; LeBorgne & Ghannoum, 2014a).

It was also identified that it was critical to consider the inelastic behaviour of the
joints and that the rigid joint assumption adopted in design was not valid for
assessment. The two key factors that had to be considered when assessing the
performance of the joints included the shear panel response and the bar-slip of
bottom longitudinal beam bars. Since the frames were not designed to follow
capacity design principles, they were vulnerable to reaching the joint shear
capacity before the beams and the columns reached their yield and ultimate
moment capacities. Furthermore, for joints with poorly anchored bottom
longitudinal beam bars, the positive yield and ultimate bending capacity of the

beam had to be reduced to account for bar-slip.

The review of limited ductile walls, especially based on Australian studies,
revealed that the walls assessed in this study are particularly vulnerable to a
flexural failure mechanism. Many of the walls belonging to low- to mid-rise
buildings in Australia typically have low longitudinal reinforcement ratios. This is
because the Australian concrete structures standards have allowed for the design
of lightly reinforced walls under certain criteria, including low axial load and low
bending moment demands. Under lateral loading these walls are vulnerable to
forming a single crack (or exhibiting minimal secondary cracking). High strains are
developed in the longitudinal bars over a concentrated length of the wall, leading
to fracture of the bars at low displacement demands. In addition, walls constructed
in Australia, especially in buildings which are up to mid-rise in height, tend to have

no confinement and are therefore vulnerable to brittle compression failures.
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Vi.

vii.

Determine appropriate material properties to be adopted for the assessment
of the archetypal buildings.

Once the archetypal buildings had been characterised based on their design
properties, it was then necessary to determine the expected material properties of
the buildings for assessment purposes. There are many different factors that can
cause a difference in material properties (especially strength) from the specified
design values. Since some of these factors are dependent on the manufacturer’s
specifications and on the local construction practice at the time, where possible
(and suitable), the expected material properties were computed based on

Australian based studies.

Evaluate various macro-finite element nonlinear modelling methods and
determine a suitable approach to model the archetypal buildings. The
models need to be capable of simulating damage progression up to the point
of (near) collapse defined as loss of axial load carrying capacity of the
building components.

In order to determine the suitable modelling method for this study a critical
review of the existing state-of-the-art approach for modelling RC building
components in a macro-finite element modelling space was conducted. The
modelling approaches investigated were focused on capturing the likely failure
mechanisms of non-ductile RC frame components and walls with detailing
deficiencies similar to those used in the building components of the archetypal
buildings. The modelling methods investigated included the incorporation of the
inelastic response of beam-column joints, flexural response of members, bar-slip of
longitudinal reinforcement bars, flexure-shear behaviour of members, and the

response of planar and non-planar walls.

The review revealed that there was a lack of consensus amongst researchers about
the best method to model the various building components for the purpose of
global analysis. In general, the non-ductile detailing of the building components
significantly increases the difficulty of simulating their response under seismic
loading since sudden lateral strength and stiffness degradation are likely to occur
after the peak capacity of the components is reached. The sudden lateral strength
and stiffness degradation typically cause numerical instabilities and convergence
issues; especially when considering the system response of the building.
Furthermore, some response mechanisms, namely shear and bar-slip, are not

directly modelled using conventional macro-modelling approaches and must be
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included indirectly, especially if the response is likely to govern the failure
mechanism of the component. It was also evident that most of the approaches
require the incorporation of semi-empirical or empirically based numerical
models to capture the true response of the members and thus suitable equations

need to be selected for the type of components being assessed.

The selection of the various semi-empirical or empirically based analytical models
was validated by comparing the results with a database of experimental results.
This eliminated any bias in selecting the analytical models and ensured that they
provided a valid assessment of the seismic performance of the archetypal
buildings. Furthermore, the various modelling approaches were evaluated in order
to select the one most suitable for use in developing the macro-finite element
nonlinear model of the archetypal buildings. This included examining the
suitability of the modelling approach against three key criteria: accuracy,
computational efficiency, and reliability and numerical stability. The accuracy of
the various models was predominantly assessed at a component level. The
computational efficiency and most importantly the reliability and numerical
stability of the various modelling approaches were examined based on running
simulations at a component level and then at a system level where the approach

was utilised to develop 2D and 3D nonlinear models in OpenSEES.

In general, it was evident that the two competing modelling approaches suitable
for global analysis could be broadly characterised as the distributed plasticity and
the lumped (or concentrated) plasticity approaches. Distributed plasticity
elements are only capable of simulating flexural response of members. Other
mechanisms such as bar-slip and shear response need to be incorporated using
other methods, such as including zero-length springs in series with the distributed
plasticity elements. Distributed plasticity elements can simulate approximately
correct distribution of plasticity and strain levels in the member if some form of
calibration is applied. As demonstrated in this study (and similar methods have
been proposed in other studies), one method to achieve this is to explicitly model
the plastic hinge region based on the expected plastic hinge length which is also a
key parameter in the concentrated plasticity approach. Lumped plasticity elements
can simulate flexural behaviour of members and other phenomenological
mechanisms since the response of the member is defined by the user at an element
level. However, the accuracy of the simulated response is dependent on the

accuracy of the definition of the hysteretic model used to define the response of

| 289 |



Chapter 8: Conclusions and recommendations for future research

viil.

the zero-length springs. Therefore, there is a higher reliance on accurately defining
the expected failure mechanism prior to conducting the analysis since the

hysteresis definition cannot be changed during the analysis.

Based on detailed evaluation of the various modelling approaches the scissor’s
model with rigid links was used to model the beam-column joint response, and the
lumped plasticity approach was selected to model the columns, beams, and walls.
The lumped plasticity approach was primarily selected on the basis of it achieving
reliability when conducting the structural analyses of the buildings; numerical
instability issues were encountered when using the distributed plasticity
approach. One potential reason for this observation could be due to the extreme
non-ductile nature of the components. In addition, most of the state-of-the-art
modelling approaches which are proposed in the literature have not been shown
to be reliable (in terms of numerical stability) when considering the system
response of buildings, in particular for non-ductile buildings modelled in 3D.
Numerical stability was a critical criterion in this study when selecting the suitable
modelling technique since the aim of the study was to assess the performance of
the buildings up to the Collapse Prevention limit state (defined as loss of axial load

carrying capacity of building components).

Determine an appropriate framework for conducting seismic fragility
assessment of the buildings.

Based on a detailed review of the literature a suitable seismic fragility assessment
framework was adopted. The cloud analysis approach was selected to be the most
appropriate approach to develop the probabilistic seismic demand models. To
ensure that the correlations obtained between the intensity measure and the
building response were not affected by outliers (predominantly due to numerical
instabilities), the collapse and non-collapse results were separated. Furthermore, it
was identified that the selection of a suitable intensity measure was dependent on
the type of analysis conducted and therefore the intensity mesure was selected
based on evaluating the results obtained from the nonlinear time history analyses.
Existing performance levels in the literature and guidelines were also examined to
help determine the performance levels suitable for use in the assessment of the
archetypal buildings. Some of the suggestions in the literature are only appropriate
for buildings with ductile detailing and therefore new damage limits were defined
for the performance levels such that they are suitable for the assessment of non-

ductile buildings. In total four performance levels were defined: Serviceability,
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ix.

Damage Control, Life Safety, and Collapse Prevention. The performance criteria for
structural damage were defined as when the first component in the building
reaches a rotational limit. Separate limits were set for the primary and the
secondary structural systems. Interstorey drift limits were also provided to limit
the damage to non-structural components and to alleviate the danger of a side-

sway collapse mechanism forming.

Conduct the analyses and develop fragility curves for the archetypal
buildings.

3D nonlinear models of the six archetypal buildings were developed in the macro-
finite element modelling space using the approach determined in Outcome Vvii.
Dynamic time history analyses were conducted to obtain the seismic building
response. The buildings with plan symmetry were analysed by subjecting them to
the stronger component of the 40 pairs of ground motions along the weaker axis of
the buildings. For each analysis the critical demand-to-capacity ratio was obtained
in accordance with the definition of the performance levels. The buildings with
plan asymmetry were subjected to both components of the 40 pairs of ground
motions along the principal axes of the buildings. Since, the effects of biaxial
bending were not directly modelled, the analysis of the plan-asymmetric buildings
were conducted three times using different backbone definitions. The wall and
column backbone definitions which were investigated included applying: (i) no
reduction factors, (ii) medium bound reduction factors, and (iii) lower bound
reduction factors, to the backbones which had been originally defined for
unidirectional loading. For the buildings which did not incorporate any reduction
factors to account for the effects of biaxial bending, the critical demand-to-capacity
ratio was computed by taking the SRSS of the maximum response obtained in the
x- and y-direction. For the buildings which incorporated reduction factors to
account for biaxial bending, the critical demand-to-capacity ratio was computed by
taking the maximum response obtained in either the x- or y-direction. The fragility
curves computed for the buildings for which no reduction was applied to the wall
and column backbones were approximately the same as those obtained for the
buildings for which medium bound reduction factors were applied to the wall and
column backbones. This indicated that the suitability of the SRSS method to
indirectly account for bidirectional loading is dependent on the detailing of the RC

building components. The lower bound reduction factors were selected to be a
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conservative representation of the response expected for non-ductile RC

components.

Furthermore, it was demonstrated that the selection of the intensity measure to
develop the fragility curves can significantly affect the conclusions derived about
the performance of the buildings. Various intensity measures (IMs) were
investigated in order to select the most suitable intensity measure for this study.
The intensity measures which provided consistently the best correlations with the
building response for the four performance levels and for the six archetypal
buildings were the peak ground velocity (PGV), peak ground displacement (PGD),
and maximum spectral displacement response (RSD,,.x)- Interestingly, it was
observed that PGA, which has been the conventional IM used to develop fragility

curves, in general provided a poor correlation with the building response.

To evaluate the seismic performance of the buildings it was also necessary to
select an IM which was capable of accurately representing ground motion intensity
for various return periods and different site conditions in accordance with
AS1170.4:2007. Based on these additional criteria PGV was selected to be the
most suitable IM to evaluate the seismic performance of the buildings. However,
for the purpose of comparison, fragility curves were also developed for the

archetypal buildings using RSD,,,,x and PGA.

x.  Evaluate the seismic performance of the archetypal buildings.
The seismic performance of the archetypal buildings was evaluated by examining
their response under the Basic Safety Objective described in FEMA 356 (2000),
which includes ensuring Life Safety under a 500 year return period event, and
Collapse Prevention under a 2500 year return period event. The minimum and
maximum probabilities of exceedance predicted by the various methods deemed
suitable for obtaining the fragility curves were provided for the various site
classes. The seismic demand was obtained in accordance with AS 1170.4:2007,

corresponding to k,Z values of 0.1 g and 0.18 g on rock for 500 and 2500 year

return period events, respectively.

The results demonstrated the superior performance of the plan-symmetric
buildings in comparison to the plan-asymmetric buildings. Furthermore, the
results for the plan-symmetric buildings illustrated the poorer performance of the
buildings with reduced height. However, the same observation was not observed

with the plan-asymmetric buildings. This was due to the difference in plan
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configurations of the buildings and therefore a direct comparison between the
different buildings heights could not be made. Furthermore, the results illustrated
that there is a significant difference between the capacity of the buildings at Life
Safety and Collapse Prevention. The structural damage limits at these two
performance levels were defined to correspond to the initiation of loss of lateral
load carrying capacity (governed by the wall response) and loss of axial load
carrying capacity of the gravity system. Hence, the results show that collapse of the
gravity system does not occur prior to the ultimate capacity of the core walls being

reached.

In summary, the results indicated that the most vulnerable buildings are the plan-
asymmetric buildings as well as the 2-storey plan-symmetric building. It was
demonstrated that these buildings have a high probability of exceeding the Life
Safety limit state under a 500 year return period event and the Collapse Prevention

limit state under a 2500 year return period event if they are located on soft sites.

8.2 RECOMMENDATIONS FOR FUTURE RESEARCH

Recommendations for future research with respect to the various stages of the seismic

fragility assessment procedure are provided here.

The results obtained from the seismic site response study conducted in Chapter 2
indicated that the response of softer sites is highly dependent on the soil type and the
plasticity index of the soil. It is recommended that future studies investigate the effects of
various plasticity index values on site response and the effect of selecting different shear
modulus and damping curves. Currently none of the standards and codes account for soil
type even though it has a significant effect on site response. Furthermore the acceleration
response spectra obtained in the study were significantly higher than those in
AS 1170.4:2007. Further research in this area is necessary since the change in acceleration
response spectra would cause significant increases in the design actions for earthquake

resistant design of structures if force-based methods are used.

In Chapter 3 a review of Australian building design and construction has been provided for
buildings dating back to approximately the 1960s. However, the archetypal buildings
assessed in this study are predominantly representative of buildings constructed in the
1970s, 1980s, and 1990s. Furthermore, the buildings were designed in accordance with
AS 3600:1988 and the material properties were selected to be representative of buildings

constructed in this era. It is recommended that future studies may use the information

| 293



Chapter 8: Conclusions and recommendations for future research

presented in this chapter to assess the performance of buildings constructed in different

periods and with different material properties.

As discussed throughout this study, when assessing the seismic performance of older
existing buildings the performance levels corresponding to high levels of building damage
are often of interest. In particular, the performance level corresponding to Collapse
Prevention is critical and this is usually defined as when loss of axial load carrying capacity
(typically for non-ductile buildings) and side-sway mechanisms (typically for ductile
buildings) take place. However, there are currently very few experimental results
available from tests conducted on non-ductile building components (especially for lightly
reinforced core walls) which have been tested up to the point of axial load failure and
under realistic lateral loading conditions, including bidirectional loading. A better
understanding of component responses will significantly help to improve the seismic
assessment of buildings and to reduce uncertainties about the building response. Thus, it
is highly recommended that more experimental studies are conducted on non-ductile
building components under bidirectional loading and up to the point of loss of axial load

resistance.

The review and evaluation of the state-of-the-art macro-finite element modelling
approaches conducted in Chapter 4 and Chapter 5 highlighted limitations of currently
available modelling approaches for the purpose of conducting global analysis. Some of the
more advanced approaches which have been developed, including distributed plasticity
elements which capture flexure-axial interactions, and other modelling techniques which
incorporate the effects of shear and bar-slip, have shown promising results in terms of
accuracy when simulating the response of individual components. However, these
approaches require further development in terms of numerical stability and reliability and
computational efficiency. This is especially the case when the modelling approaches are
incorporated in 2D or 3D nonlinear models to obtain the system response of non-ductile
buildings. Therefore, it is recommended that further work needs to be conducted in
improving the numerical stability and reliability of the more advanced modelling

approaches for the purpose of conducting global analysis.

The structural analyses conducted in Chapter 7 have involved certain idealisation and
assumptions about the response of the archetypal buildings. In was assumed that flexural
response governs the core wall behaviour and that the walls will not lose their axial load
carrying capacity prior to the gravity system. The shear failure of the walls and the

columns due to exceedance of shear force capacity was not explicitly modelled since the
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nonlinear component responses were modelled using zero-length moment rotation spring
elements. Furthermore, a rigid diaphragm assumption has been adopted it this study and
slab related failure mechanisms have not been incorporated. Punching shear failure and
failure of the floor diaphragm (diaphragm detachment) may lead to slab collapse and
column instability, thus contributing to the collapse mechanism of the building. In
addition, soil-structure interactions have not been considered in this study which may also
affect the global response of the buildings. The incorporation of the mechanisms that have
not been directly modelled in this study to examine the effect they have on the seismic

performance of non-ductile RC buildings could be investigated in future studies.
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APPENDIX A

Details of the historical and stochastically generated records are provided in Table A1 and Table A2.

Table A1: Details of input motion for k,Z 0.1 g

Source Earthquake ID Earthquake Faulting Magnitude Hypocentral Epicentral PGA (g)
Name/Country Mechanism distance (km) distance (km)

ISESD 63 (Station 36) Friuli, Italy (1976) Reverse 6.0 - 28 0.1017
65 (Station 26) Friuli, Italy (1976) Reverse 6.0 - 12 0.1365
93 (Station 69) Serbia & Montenegro (1979) Reverse 6.9 - 105 0.0749
108 (Station 68) Serbia & Montenegro (1979) Reverse 6.2 - 30 0.0769

PEER NGA 23 San Francisco (1957) Reverse 5.28 13.7 - 0.1073
NGA 72 San Fernando (1971) Reverse 6.61 27.46 - 0.1631
NGA 946 Northridge (1994) Reverse 6.69 66.31 - 0.0559
NGA 957 Northridge (1994) Reverse 6.69 29.05 - 0.1403
NGA 1021 Northridge (1994) Reverse 6.69 5291 - 0.0793
NGA 1033 Northridge (1994) Reverse 6.69 63.71 - 0.0683
NGA 1074 Northridge (1994) Reverse 6.69 64.22 - 0.0941

GENQKE Generated earthquake Australian characteristics Reverse 6.0 27 - -
Generated earthquake Australian characteristics Reverse 7.0 45 - -
Generated earthquake Australian characteristics Reverse 7.0 50 - -
Generated earthquake Australian characteristics Reverse 7.0 70 - -
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Table A2: Details of input motion for k,Z 0.3 g

Source Earthquake ID Earthquake Faulting Magnitude Hypocentral Epicentral PGA (g)
Name/Country Mechanism distance (km) distance (km)

ISESD 34 (Station 20) Friuli, Italy (1976) Reverse 6.5 - 23 0.3567
93 (Station 64) Serbia & Montenegro (1979) Reverse 6.9 - 21 0.2231
93 (Station 68) Serbia & Montenegro (1979) Reverse 6.9 - 65 0.2558
2322 (Station 3311) Avej, Iran (2002) Reverse 6.5 - 28 0.4459

PEER NGA 1645 Sierra Mandre (1991) Reverse 5.61 13.63 - 0.2350
NGA 994 Northridge (1994) Reverse 6.69 30.86 - 0.2458
NGA 1050 Northridge (1994) Reverse 6.69 26.85 - 0.4085
NGA 1091 Northridge (1994) Reverse 6.69 41.9 - 0.1449

GENQKE Generated earthquake Australian characteristics Reverse 7.0 20 - -
Generated earthquake Australian characteristics Reverse 7.5 35 - -
Generated earthquake Australian characteristics Reverse 7.5 30 - -
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APPENDIX B

Shear wave velocity profiles of soil sites considered in Section 2.4.4.4 The legend also

shows the corresponding site ID as presented in Kayen et al. (2015).
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APPENDIX C

The comparison of simulated and experimental response of the ten non-ductile columns

presented in Table 5-9 for which detailed response was not presented in Section 5.4.3.2.
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Figure C1: Comparison of simulated and experimental response of ten of the twenty non-ductile

columns presented in Table 5-9
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